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development of an individual, who can go out in the industry and make use of the 
research. I believe he is right, and I hope that it is a better version of me that now returns 
to my ordinary work as a steel bridge specialist.  

I would like to take the opportunity to thank the people who made this work come true. 

First, I would like to thank my supervisor and friend Prof. Peter Collin, for giving me 
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and other important stuff. Your help, guidance and support have been very valuable to 
me. Thanks also to my assistant supervisors PhD Mikael Möller and Prof. Lennart 
Elfgren. The latter is basically the heart of the structural engineering group at LTU, a 
really big heart. 

I would also like to thank my present colleagues at LTU and Trafikverket, and my former 
colleagues at Ramboll. Special thanks to my co-authors PhD Paul Jackson, Harry White, 
PhD Martin Nilsson and PhD Stephen Hicks, who has contributed with external input 
and ideas to improve the research. The project partners in the two European R&D-
projects ELEM and PROLIFE should also be mentioned. I have really enjoyed our 
cooperation and I am looking forward to see you in future projects and alliances. 

The staff at the MCE-Lab, especially Erik Andersson and Mats Petersson, deserve a big 
thanks for their work and for their positive attitude and friendly reception every time 
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you visit the lab. The tests campaigns had been impossible to perform without your 
expertise and assistance.  
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list will be endless if I try to name every one of you that fill my life with joy and fruitful 
discussions. 

Last but definitely not least, I would like to thank my beloved Alexandra for her love, 
patience and support, as well as our children Olivia and Oscar for bringing fun, warmth 
and happiness to my life. 
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This book is just a bunch of paper that daddy has written, and soon it will stand in a 
bookshelf collecting dust. You two are the total opposite, in constant development and 
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your curiosity remains the same even when you are adults, and I truly wish that more 
adults had retained their curiosity as well. Primarily, since I believe that the world would 
be a better place if that were the case. Secondly, since I am of the opinion that research 
should be performed based on internal driving forces such as curiosity, not by external 
driving forces such as money, funding or academic titles.  
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SUMMARY 

The topic of this thesis is steel-concrete composite bridges and innovative ways of 
achieving composite action. The typical superstructure consists of three main 
components: the steel girders, the concrete deck slab and the shear connectors. The latter 
connects the steel and the concrete parts to each other, which enables a design where 
the parts are assumed to act as one structural member, the composite beam. 

The research presented in this thesis is primarily focused on different construction- and 
strengthening-methods, developed to reduce the impact on the road users, mainly by 
reducing the time spent on the construction site and the need of traffic restrictions.  

The prefabricated steel girders give composite bridges some advantages in the 
construction stage, in comparison to the more common in-situ cast concrete bridges, 
since the girders can be launched or lifted into their final positions. Such an installation 
procedure is often favourable in case of crossings over roads, railways, rivers etc., since it 
minimizes the impact on the citizens using the infrastructure below the bridges  and the 
need of temporary supports. In order to shorten the time spent on the construction site 
and to reduce the impact on the road users even more, prefabrication of the concrete 
deck can also be considered.  

In this thesis, a review of different prefabrication techniques for composite bridges is 
presented, along with a study of one specific prefabrication concept that reduces the need 
of in-situ cast deck joints. This concept, with prefabricated concrete deck elements with 
dry joints, utilizes concrete shear keys to transfer shear forces over the transverse deck 
joints, while in-situ cast joints are used for the longitudinal connection between the steel 
girders and the concrete deck slab. 

The structural behaviour of composite bridges with dry deck joints has been investigated 
by large scale beam tests, along with field measurements on a composite bridge built with 
this prefabrication concept. The load capacity of the shear keys has also been investigated 
by laboratory tests. The test results have been compared to numerical analyses and 
different design models, with the aim of developing design recommendations.  
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The results indicate that this type of bridges do not behave as conventional composite 
bridges with in-situ cast deck slabs. For single span bridges, which only experience 
positive bending moments, the structural behaviour in the ultimate limit state is close to 
the structural behaviour of conventional composite bridges. However, the degree of 
composite action is strongly reduced at lower load levels. This should be taken into 
account in the design in the fatigue- and the serviceability-limit states. Sections under 
negative bending moments behave in general as non-composite sections, which was 
expected due to the dry deck joints.  

Based on the evaluation of the test results and the state-of-the-art review, design 
recommendations and design criteria are presented, along with production and execution 
recommendations for this type of prefabricated bridges. 

Strengthening of existing bridges is another activity that often leads to traffic restrictions, 
which causes costs and troubles for the road users and the society. One method for 
strengthening non-composite steel-concrete bridges is post-installation of shear 
connectors, to create composite action. The composite cross-section has a larger stiffness 
and bending capacity, implying that a larger traffic load often can be allowed. It must 
however also be assured that other structural parts do not limit the load capacity of the 
structure. 

There are several different types of shear connectors that can be used for post-installation, 
and some are more suitable than others. This thesis presents a state-of-the-art review on 
post-installed shear connectors in general and Coiled Spring Pins in particular. The latter 
is an interference fit connector that can be installed from below the bridge, with no or 
minor impact on the traffic on the bridge. 

The behaviour of Coiled Spring Pins, used as shear connectors in composite bridges, has 
been investigated by experimental methods. Push-out tests have been used to study the 
static strength and the fatigue lifetime, while field monitoring of a real bridge structure 
has been used to study the behaviour on a structural level. The tests results have been 
evaluated and design criteria and design recommendations have been suggested. 

The static tests and the following analysis show that Coiled Spring Pins are a very ductile 
type of shear connector, with a slightly different load-deformation behaviour than headed 
shear studs. The static strength of the shear connection shows a quite small spread even 
when different parameters are varied quite a lot. The performed fatigue tests indicate a 
fatigue strength that are somewhat lower than headed studs, in terms of detail category, 
while previous test series by other researchers indicate a higher fatigue strength than 
headed studs. It can be noted that there is a large scatter between the results from different 
test series, performed by different researchers. The reasons to this scatter are discussed in 
the thesis and a conservative fatigue design criterion is presented. 

The results from the field monitoring indicate that a bridge strengthened with Coiled 
Spring Pins behaves as a composite structure and that the Coiled Spring Pins reduce the 
slip significantly. The analysis of the test results shows that a design assuming full 
composite action, with rigid shear connection, describes the measured behaviour in a 
good way. 
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Based on the state-of-the-art review and the different tests performed, design 
recommendations and criteria are presented, along with production and execution 
recommendations for post-installation of Coiled Spring Pins. 

 

Keywords: Composite action; bridge; steel; concrete; shear connectors; prefabrication; 
coiled spring pins; shear studs; post-installation; push-out test; fatigue 
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SAMMANFATTNING 

Ämnet för denna avhandling är samverkansbroar och innovativa sätt att skapa samverkan. 
Broöverbyggnaden består i regel av tre huvudkomponenter: stålbalkarna, betongfarbanan 
samt skjuvförbindarna. De sistnämnda binder samman stål- och betong-delarna, vilket 
möjliggör en dimensionering där de ingående delarna antas agera som en 
konstruktionsenhet, samverkansbalken. 

Forskningen som presenteras i denna avhandling är framförallt fokuserad på olika 
konstruktions- och förstärknings-metoder, utvecklade för att minska påverkan på 
trafikanterna, huvudsakligen genom att reducera den tid som tillbringas på 
byggarbetsplatsen och därmed behovet av restriktioner för trafikanterna. 

De prefabricerade stålbalkarna ger samverkansbroar en del fördelar i byggskedet, i 
jämförelse med de mer vanliga platsgjutna betongbroarna, eftersom stålbalkarna kan 
lanseras eller lyftas på plats. En sådan installationsprocedur är ofta fördelaktig för broar 
över vägar, järnvägar, älvar etc., eftersom den minimerar påverkan på de trafikanter som 
nyttjar infrastrukturen under bron samt behovet av temporära stöd. För att ytterligare 
reducera tiden på byggarbetsplatsen och påverkan på trafikanterna, kan även 
prefabricering av betongfarbanan övervägas. 

I denna avhandling presenteras en genomgång av olika typer av prefabriceringstekniker 
för samverkansbroar, tillsammans med en studie av ett specifikt prefabriceringskoncept 
som reducerar behovet av platsgjutna fogar i farbanan. Detta koncept, med prefabricerade 
betongelement med torra fogar, nyttjar sig av betongklackar för att överföra skjuvkrafter 
i de tvärgående fogarna i brofarbanan, medan platsgjutna fogar används för den 
längsgående förbindningen mellan stålbalkarna och betongfarbanan. 

Det statiska beteendet för samverkansbroar med torra farbanefogar har undersökts via 
storskaliga balktester, tillsammans med fältmätningar på en prefabricerad samverkansbro. 
Betongklackarnas lastkapacitet har också undersökts genom provning. Testresultaten har 
jämförts med numeriska analyser samt olika dimensioneringsmodeller, med målet att ta 
fram dimensionerings-rekommendationer. 
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Resultaten indikerar att denna typ av broar inte helt beter sig som konventionella 
samverkansbroar med platsgjutna farbanor. För enspanns-broar, som endast utsätts för 
positiva böjmoment, är beteendet i brottgränstillståndet snarlikt beteendet för en 
konventionell samverkansbro. Graden av samverkan är dock kraftigt reducerad vid lägre 
belastningsnivåer, vilket måste tas i beaktande vid dimensionering i bruksgränstillståndet 
respektive vid dimensionering för utmattning. Tvärsnitt utsatta för negativt böjmoment 
beter sig i allmänhet som icke-samverkans tvärsnitt, vilket var förväntat med tanke på de 
torra fogarna i farbanan. 

Baserat på utvärderingen av testresultaten och litteraturstudien, presenteras 
dimensionerings-rekommendationer och -kriterier, tillsammans med produktions- och 
utförande-rekommendationer för denna typ av prefabriceringskoncept. 

Förstärkning av befintliga broar är en annan aktivitet som ofta leder till trafikstörningar, 
vilket medför kostnader och problem för både trafikanterna och samhället i stort. En 
metod för att förstärka stål-betong balkbroar, som ursprungligen byggts utan samverkan, 
är att skapa samverkan genom efterinstallation av skjuvförbindare. Samverkanstvärsnittet 
har större styvhet och böjmotstånd, vilket innebär att högre trafiklaster ofta kan tillåtas. 
Det måste emellertid även säkerställas att andra konstruktionsdelar inte begränsar 
konstruktionens lastkapacitet. 

Flertalet olika typer av skjuvförbindare kan användas för efterinstallation, vissa är dock 
mer lämpliga för detta än andra. Denna avhandling presenterar en litteraturstudie över 
efterinstallerade skjuvförbindare i allmänhet och spiralbultar (Coiled Spring Pins) i 
synnerhet. Den sistnämnda är en mekanisk presspassnings-förbindare som kan installeras 
underifrån bron, med ingen eller liten påverkan på trafiken uppe på bron. 

Spiralbultarnas beteende, då de används som skjuvförbindare i samverkansbroar, har 
undersökts med experimentella metoder. Push-out-tester har använts för att studera den 
statiska lastkapaciteten och utmattningslivlängden, medan fältmätningar på en bro har 
använts för att studera konstruktionsbeteendet i större skala. Testresultaten har utvärderats 
och dimensionerings-kriterier och -rekommendationer har föreslagits. 

De statiska testerna och den efterföljande analysen visar att spiralbultar är en väldigt duktil 
typ av skjuvförbindare, med ett något annorlunda last-deformations-samband än 
svetsbultar. Den statiska lastkapaciteten visar en ganska liten spridning även när olika 
parametrar varieras tämligen mycket. De utförda utmattningstesterna indikerar en 
utmattningskapacitet som är något lägre än den för svetsbultar, med avseende på 
detaljkategori, medan tidigare testserier av andra forskare indikerar en högre 
utmattningskapacitet än svetsbultar. Det kan noteras att det råder en stor spridning mellan 
resultaten från olika testserier, utförda av olika forskare. Anledningen till denna spridning 
diskuteras i avhandlingen och ett konservativt dimensioneringskriterium för utmattning 
presenteras. 

Resultaten från fältmätningarna indikerar att en bro som förstärkts med spiralbultar beter 
sig som en samverkanskonstruktion och att spiralbultarna avsevärt reducerar glidningen i 
övergångsytan mellan stål och betong. Analysen av testresultaten visar att ett 
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dimensioneringsantagande om full samverkan, med styv skjuvförbindning, beskriver det 
uppmätta beteendet på ett bra sätt. 

Baserat på litteraturstudien och de utförda testerna, presenteras dimensionerings-
rekommendationer och- kriterier, tillsammans med produktions- och utförande-
rekommendationer för efterinstallation av spiralbultar. 

Nyckelord: Samverkan; bro; stål; betong; skjuvförbindare; prefabricering; spiralbult; 
svetsbultar; installation i efterhand; push-out test; utmattning 
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NOTATION 

Roman upper case letters 

A Area 

Aconc Cross-sectional area of the concrete deck slab 

Asc The cross-sectional area of a shear connector 

Asc,CSP The cross-sectional area of a Coiled Spring Pin shear connector 

Asw Cross-sectional area of the shear reinforcement 

E Modulus of elasticity 

Ea Modulus of elasticity of structural steel 

Ecm Secant modulus of elasticity of concrete 

I Moment of inertia  

I2 Moment of inertia of the effective equivalent steel section neglecting 
concrete in tension but including reinforcement 

L Length 

Le Equivalent span length 

Lelem Element length 

M Bending moment 

Mmean Mean value of the moment distributed over the length of one element 

N Number of cycles 

Nc Number of cycles used for the fatigue strength reference values: 2�106  

Nf Number of fatigue load cycles until failure 
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NR Design lifetime expressed as number of cycles at a constant stress range 

P Force, load 

Pcalc Ultimate load capacity of a composite bridge cross-section 

Pini Initial load prior to the fatigue load cycles 

Pmax,f Maximum load in the fatigue load cycle 

Pmin,f Minimum load in the fatigue load cycle 

PR Shear resistance of a single connector 

PRd,c Design value of the shear connector resistance in case of a concrete failure 

PRd,s Design value of the shear connector resistance in case of a steel failure  

PRk Characteristic value of the shear resistance of a single connector 

PRk,EC0 Characteristic value of the shear resistance, based on the method in EC0 

PRk,EC4 Characteristic value of the shear resistance, based on the method in EC4 

Pu Maximum load in the push-out tests 

Pu,m Mean value of the maximum load for specimens of the same type 

R The ratio between the minimum and the maximum load in the load cycle 

R2 The coefficient of determination 

S Stress 

V Shear force 

Vmax Measured shear strength of the shear keys 

VRd,s Shear resistance 

W Elastic section modulus 

Wtf Elastic section modulus at the upper side of the top flange 

Ø Diameter 

 

Roman lower case letters 

a The intercept of the N-axis in a S-N (P-N) diagram 

d Diameter 

e Eccentricity 

eCG Vertical position of the neutral bending axis 

fc Compressive strength of the concrete 

fck Characteristic value of the concrete cylinder compressive strength at 28 days 
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fcm,cube Mean value of concrete cube compressive strength 

fsk Characteristic value of the yield strength of reinforcing steel 

fu Specified ultimate tensile strength 

fywd Design yield strength of the shear reinforcement 

hconc Concrete deck thickness 

hsc Overall nominal height of a stud connector 

k Initial stiffness of a shear connector 

kx Linear spring stiffness in the horizontal x-direction  

ky Linear spring stiffness in the horizontal y-direction  

m The slope of a linear regression line 

t Thickness 

w Deflection 

z Distance measured in the vertical direction 

Greek letters 

� Inclination of the shear reinforcement; Factor 

� Inclination of the compression strut  

�v Partial factor for the design shear resistance of a shear connector 

� Slip at the steel-concrete interface 

�j Estimated joint opening 

�j,meas Measured joint opening 

�Pu Slip at the maximum load 

�u Slip capacity 

�uk Characteristic value of slip capacity 

�Pf Fatigue load range 

�	c  Reference value of the fatigue shear strength at NC = 2 million cycles 

�	R  Fatigue shear strength 


� Ratio between the reinforcement- and the concrete-area in a cross-section 

� Stress 

	 Shear stress�
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Chapter 1 

INTRODUCTION 

1.1 Background 

The popular quote “time is money” has been a guiding star in the research presented in 
this thesis.  

Nowadays, the total cost of a bridge is no longer limited to the money spent on labour 
and material. In an urban environment, there are several other factors that should be 
taken into account when new bridges are constructed or when existing bridges are 
replaced, widened, strengthened or repaired. Construction activities that disrupt the 
ordinary traffic flow will result in increased road user costs, since the road users have to 
wait in queues or taking detours around the construction site. Finding ways to shorten 
the time spent on construction sites and minimizing the impact on the road users will 
give positive effects for contractors, bridge owners and the road users. 

Prefabrication, lean-thinking and production planning through BIM (Building 
Information Modelling) have all become everyday tasks in the house building industry, 
but are still rare exceptions in bridge constructions. Actors in the bridge industry, in 
Sweden and Europe, have tried to implement prefabrication during the recent decades 
and there are several examples of successful projects involving prefabrication of both steel 
and concrete parts. Still, the bridge industry always seems to fall back into old habits and 
conventional construction methods. In order to get an impact of new building 
technologies there must be a change in the behaviour of contractors, designers and last 
but not least the bridge owners. 

The research presented in this thesis, limited to steel-concrete composite bridges, was 
initiated with the aim to contribute to a progress towards the use of new and innovative 
bridge design solutions to minimize the traffic disturbance.  

Throughout the remainder of the thesis, “composite bridge” is used as a shorter synonym 
for the more complete “steel-concrete composite bridge” and should not be mistaken as 
bridges made out of composites, which are out of scope for this thesis.  
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1.2 Objectives 

The overall objective of the performed research was to achieve more time and cost 
efficient use of composite bridges, by further development of suitable design procedures 
for new composite bridges and strengthening methods based on the creation of 
composite action. 

The research has been focused on two different applications: 

(A) Further development of design methods for prefabricated concrete deck 
elements with dry deck joints, used in new composite structures.  

(B) Further development of strengthening methods based on post-installation of 
shear connectors in general and Coiled Spring Pins (CSPs) in particular, used 
in existing structures.  

For both cases, the aim has been to develop practical design guidelines for the studied 
methods and to eliminate the need of future project specific tests as far as possible, in 
order to remove some of the barriers for the use of the specific methods.  

1.3 Hypotheses and research questions 

The research presented in this thesis deals with the shear force transfer at the steel-
concrete interface in composite bridges and partially also the force transfer at the dry 
concrete-concrete interfaces in prefabricated composite bridges with dry deck joints.  

Two separate hypotheses were stated in the beginning, followed by two different sets of 
research questions, which have been used to guide the scientific work: 

A – Prefabricated composite bridges with dry deck joints 

Hypothesis: 

“If reliable and practical design guidelines are developed, composite bridges with 
prefabricated concrete deck elements with dry deck joints would be a competitive design 
approach when it is essential to reduce the construction time on site, to minimize the 
impact on the traffic.” 

Research questions (RQ): 

A-RQ1. What is the state-of-the-art within this field? 

A-RQ2. How does a superstructure with dry deck joints behave under positive and 
negative bending moments? 

A-RQ3. How do the shear keys fail under an increased static load and how should a 
rational design calculation of the shear keys be done? 

A-RQ4. What is the long-term behaviour of a bridge with dry deck joints, compared to 
a composite bridge with a conventional in-situ cast deck slab? 

A-RQ5. Which aspects need to be covered in a detailed design of this type of bridges? 
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B – Post-installed Coiled Spring Pins 

Hypothesis: 

“Strengthening non-composite steel-concrete bridges by post-installation of CSP shear 
connectors would be a more competitive approach if reliable and practical design 
guidelines are developed.” 

Research questions: 

B-RQ1. What is the state-of-the-art within this field? 

B-RQ2. In what way does a CSP fail under static loading and which parameters are 
influencing the behaviour? 

B-RQ3. In what way does a CSP fail under fatigue loading and which parameters are 
influencing the behaviour? 

B-RQ4. What is the structural behaviour of a bridge strengthened with Coiled Spring 
Pins? 

B-RQ5. Which aspects need to be covered in a detailed design of this type of 
strengthening? 

1.4 Limitations 

Since the two research topics are wide, the research presented in this thesis has the 
following limitations: 

Case A – Prefabricated composite bridges with dry deck joints 

- The research is limited to the bridge superstructure and its structural 
behaviour. 

- The type of superstructure is limited to a composite superstructure, 
consisting of two steel I-girders and a bridge deck made of prefabricated 
concrete elements.  

- The transverse joints between the prefabricated deck elements are limited 
to dry joints, implying that forces are transferred from one concrete surface 
to another by contact pressure only. However, the longitudinal connections 
between the steel girders and the prefabricated concrete elements is created 
by in-situ cast concrete. Figure 1.1 illustrates a typical cross-section of such 
a superstructure. 
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Figure 1.1 The studied type of superstructure  

 

Case B – Post-installed Coiled Spring Pins 

- The research is limited to strengthening of non-composite steel-concrete 
structures by post-installation of CSPs.  

- The studied degree of composite action is limited to full composite action. 

- Only one type and dimension of the CSP is studied. This implies that the 
presented results and conclusions are valid only for Heavy-duty CSPs with 
a nominal diameter of 20 mm and produced in line with ISO 8748 (2007).  

1.5 Scientific approach 

The general approach adopted for scientific studies at the Division of Structural and Fire 
Engineering at Luleå University of Technology (LTU) is a straightforward procedure 
comprised of the following four steps: (1) state hypothesis, (2) literature review, (3) 
formulate research questions and (4) address research questions using an appropriate 
theoretical and experimental framework.  

The research presented in this thesis follows the general approach presented above, but 
with some minor modifications. The first three steps were conducted as a part of the 
application process for research funding, implying that they initially were performed on 
a basic level and under time pressure. Later, when the research projects were realized 
there was a need to return back to step (2) and (3) in order to extend the literature review 
and to modify the research questions based on the new knowledge. After the update of 
step (2) and (3) the research questions were addressed in step (4) by experimental tests 
performed on small- and large-scale specimens as well as full scale structures, followed by 
evaluations of the test results and comparisons to theoretical design models as well as 
numerical analysis. 
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1.6 Outline of the thesis 

The thesis consists of five chapters presenting a summary of the scientific work that is 
further described in the nine appended papers. Seven papers (Paper I-VII) have been 
published or scheduled for publishing in scientific journals, while the eighth and ninth 
paper (Paper VIII and IX) have been submitted and are both under review.  

The contents of the chapters and papers are briefly described below: 

Chapter 1 introduces the background and the research objectives. The content of the 
thesis and the scientific approach are also summarised. 

Chapter 2 describes, on a general level, the basic concept of composite action, composite 
bridge design and the competitiveness of composite structures. 

Chapter 3 presents, together with Paper I-V, the research performed within the field of 
prefabricated composite bridges. This research has previously been reported in a 
Licentiate thesis (Hällmark 2012a) and is covered more briefly in this thesis. 

Chapter 4 describes the research performed on post-installed shear connectors and 
particular the use of Coiled Spring Pins. Paper VI-IX complements this chapter. 

Chapter 5 presents and discuss the results and conclusions from the research presented 
in this thesis, together with proposals for further research. 

Appendix A is a complement to Chapter 3 and presents a design guidance for Composite 
bridges with prefabricated concrete deck elements with dry joints . 

Appendix B is a complement to Chapter 4 and presents a design guidance for 
Strengthening by post-installation of Coiled Spring Pins as shear connectors. 

Paper I summarises the state of the art in the field of prefabricated bridge design. The 
paper is based on experiences from researchers and bridge designers. The information has 
been gathered by a literature review and by arranging an international Workshop in 
Stockholm, March 4th 2009. 

Paper II summarises the previously performed research in Sweden on prefabricated 
concrete deck elements with dry joins. The paper presents the results from laboratory 
tests of shear keys as well as shear studs. Experiences from the construction process of a 
Swedish pilot bridge are also presented, together with an economic analysis of 
prefabricated concrete decks in comparison to conventional in-situ cast concrete decks. 

Paper III describes an evaluation of the load capacity of the shear keys in the dry deck 
joints. Laboratory tests on full-scale shear keys have been performed. This paper presents 
the tests, the results and an analysis aiming for a rational way to design the shear keys. 

Paper IV presents the results from a field monitoring of a single span bridge with a 
prefabricated concrete deck with dry joints. The field monitoring performed in 2011 is 
compared to a similar monitoring performed in 2001, shortly after the opening of the 
monitored bridge. This is done in order to study the long-term behaviour of the bridge, 
and if there are some deterioration of the joints. 
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Paper V describes large-scale laboratory tests of a composite bridge with prefabricated 
deck elements with dry joints. The structural behaviour of such a cross-section has been 
studied in case of both positive and negative bending moments. The effective width of 
the interacting concrete, which corresponds to the test results, has been compared to the 
model given in EN 1994-2 (2005). Recommendations of how this type of bridges should 
be modelled in global analysis are given, together with recommendations for cross-
sectional design. 

Paper VI presents a state of the art study of post-installed shear connectors in general 
and Coiled Spring Pins in particular. The strengthening method is described together 
with experiences from bridge strengthening projects, along with a study of load capacity 
and structural behaviour. 

Paper VII presents a study of a steel-concrete bridge, the Pitsund Bridge, which has 
been strengthened with post-installed Coiled Spring Pins. The strengthening method 
and design procedure are presented, along with the results from a field monitoring 
performed in 2016, to evaluate the behaviour of the strengthened structure. 

Paper VIII describes an experimental study of the static capacity and stiffness of Coiled 
Spring Pins used as shear connectors at steel-concrete interfaces. Six push-out test series 
are presented, with a total of 28 tests, together with an evaluation of an alternative type 
of test set-up for push-out tests. 

Paper IX describes an experimental study of the fatigue strength of Coiled Spring Pins 
and a compilation of previously performed fatigue tests on this type of shear connector. 
The new test series, with nine specimens, are evaluated statistically and a fatigue strength 
design criterion is proposed. 
 

How the different papers fit into the major research topic, and how they relates to the 
research questions, are illustrated by the graphical scheme in Figure 1.2. 
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Figure 1.2 Schematic illustration of how the content of this thesis is organised 
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Chapter 2 

COMPOSITE STRUCTURES 

Steel-concrete composite bridges are structures, primary subjected to bending, with 
components of both steel and concrete that are connected to each other by shear 
connectors, to prevent slips and separation at the steel-concrete interface. A properly 
designed full composite shear connection will make the steel- and the concrete-parts act 
as a single structural member, a composite beam. A schematic illustration of a composite 
beam and its main components is shown in Figure 2.1.  

 
Figure 2.1 Schematic illustration of a composite beam 

Composite bridges are an efficient and cost effective type of bridge construction. By 
utilizing the high tensile strength of the steel girders and the compressive strength of the 
concrete deck slab, the load capacity of the composite cross-section is significantly 
increased in comparison to a non-composite cross-section. This enables longer spans and 
more slender structures. (El Sarraf et al. 2013, Hanswille 2011a) 
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Today, a composite design is more or less a requirement in the design of steel -concrete 
bridges, but as late as the 1980’s Swedish steel-concrete bridges were still built without 
composite action. The development of steel-concrete composite construction started 
however already in the mid of the 19th century, but it took until the first half of the 20th 
century before this type of structure started to become established in the construction 
industry. Pelke & Kurrer (2015), Hicks et al. (2016) and Lam (1998) present brief 
historical reviews on the evolution of steel-concrete composite construction. 

This chapter gives an introduction to composite bridges, by a brief presentation of the 
basic concept of composite action, followed by a short summary of composite bridge 
design and a presentation of the advantages of composite bridges. 

2.1 Composite action 

Composite action means that parts of different materials are connected to each other in 
a way that they act as one single structural member. The components that are connecting 
the parts, the shear connectors, are essential for the behaviour of the construction. The 
connectors must have sufficient strength, stiffness and ductility to enable a design 
procedure where the different components are designed as parts of a single structural 
member, the composite beam. (EN 1994-2 2005) 

The difference between composite action and no composite action is schematically 
illustrated in Figure 2.2.  

  
Figure 2.2 No composite action vs. composite action 

The left part of Figure 2.2 shows a beam without shear connectors, i.e. a non-composite 
steel-concrete beam. In this case, when the beam is loaded there will be a slip (�) at the 
steel concrete interface, implying that plane sections will not remain plane after bending. 
The steel and the concrete parts will share the load, in relation to their individual flexural 
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stiffness (EI). The opposite case is illustrated in the right part of Figure 2.2, where rigid 
shear connectors provide full composite action without any slips at the steel-concrete 
interface. In this case, the steel and the concrete parts will act as one structural member 
and it can be assumed that plane sections remain plane under bending moments, in line 
with the assumptions in the Euler-Bernoulli beam theory.  

The difference in the structural response, in terms of strains, between a non-composite 
section and a full composite section is illustrated in Figure 2.3a-b. Figure 2.3a shows a 
steel beam with a concrete slab on top, without any shear connectors. These parts are 
acting as two individual sections, if frictional forces at the steel-concrete interface are 
neglected, which is illustrated by the corresponding strain ( ) diagram. The slip, �, is 
defined as the difference between the steel strain,  s, and the concrete strain,  c, at the 
steel-concrete interface. Figure 2.3b shows a composite beam with the same structural 
parts as in (a), but with shear connectors that make the parts acting as one section without 
any slip at the steel-concrete interface, illustrated by the corresponding strain diagram. A 
composite beam is considered to have full composite action if the shear connection 
provides a sufficient strength, to enable the development of the full strength of the cross-
section. This implies that the strength of the composite beam will not be governed by 
the shear connection, but instead by the steel girder or the concrete deck slab. 

  
Figure 2.3 Schematic illustration of the vertical strain distribution for cross-sections with (a) no 
composite action, (b) full composite action and (c) partial composite action. 

The non-composite and the full-composite behaviour presented above are the two 
extremes, while the real behaviour of a structure often is somewhere in between. In case 
of the non-composite beam, there is always frictional forces or other interlocking 
phenomenon providing limited transfer of shear forces. Natural bonds are however 
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neglected in the design procedure, by requirements in EN 1994-2 (2005), to ensure a 
robust behaviour without brittle failure modes. In the opposite case with full composite 
action, there will always be a degree of slip in real structures, caused by concrete crushing 
and bending of the shear connectors, in line with the headed shear stud behaviour 
presented by Nellinger et al. (2017) and originally by Lungershausen (1988). However, 
as long as the shear connectors provide sufficient strength, stiffness and ductility, EN 
1994-2 (2005) allows the sections to be designed assuming full composite action.  

Between the two extremes, cross-sections with partial composite action can be found, 
see Figure 2.3c. These cross-sections are characterized by the fact that the shear 
connection is the weakest part, and that the limited number of shear connectors will 
cause a degree of slip. In the design of new composite bridges, EN 1994-2 (2005) requires 
a design based on full composite action, while other types of structures often can be 
designed based on partial shear connection, as long as the requirements in EN 1994-1-1 
(2005) are fulfilled.  

The research presented in this thesis is limited to cross-sections with full composite 
action. However, in the strengthening of existing bridges, partial composite action has 
been proven to be a cost effective alternative, since the number of post-installed shear 
connectors can be reduced significantly in many cases (Kwon 2008, Kwon et al. 2011). 

2.2 Composite bridge design 

In Europe, the design of composite bridges is mainly governed by the European standard 
EN 1994-2 (2005). This is however not a stand-alone document, implying that it must 
be supported by additional parts of the Eurocodes. Figure 2.4 illustrates the relationships 
between the different parts of the Eurocodes needed for the composite bridge design.  

The first five parts of the Eurocodes (EN 1990-1994) acts as the reference standards for 
the research presented in this thesis. 

 
Figure 2.4 Eurocode 4-2 and its references standards 
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The structural analysis of composite bridges is, among other things, characterized by the 
influence of the sequences of construction, shear lag effects, effects of cracking of 
concrete, internal forces caused by creep and shrinkage, degree of composite action and 
by non-linear material behaviour (Hanswille 2011b).  

It is however impossible to cover all design issues in this  compilation thesis. In this 
chapter, the author has chosen to focus on the shear connection design, which is essential 
for composite structures and the reason behind the composite action. The shear 
connection design is also essential for the research tasks presented further in this thesis. 
Other important design issues are presented together with the research tasks related to 
these issues, in Chapter 3 and 4. 

Comprehensive guidelines for the design of composite bridges, in line with EN 1994-2 
(2005), are provided by several authors, for instance Johnson & Hendy (2006) and 
Kuhlmann et al. (2008a), among others. 

2.3 Shear connection design 

Several different types of shear connectors have been tested and used over the years. 
Figure 2.5 illustrates some examples, from welded shear connectors such as: (a) headed 
studs, (b) channel connectors, (c) T-connectors, (d) perfobond strips and (e) looped bars, 
to different types of bolted shear connectors, (f), and continuous shear connectors, (g), 
integrated as a part of the steel web-plate. (Hicks et al. 2016, Xie & Valente 2011, 
Hechler et al. 2011) 

 
(a)-(e) Examples of welded shear connectors 

  
(f) Examples of bolted connectors (g) Continuous connectors, composite dowels 

Figure 2.5 Examples of different types of shear connectors 

Today, the welded headed shear stud is by far the most common type of shear connector 
in new bridge structures, see Figure 2.5a. The design of shear connections with headed 
studs are covered by international design codes, such as the European EN 1994-2 (2005) 
and the US AASHTO (2017), while the components and the installation procedures are 
covered by international product- and execution-standards such as ISO 13918 (2008) 
and ISO 14555 (2014). 
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In Europe, the design rules for shear connections in bridges are presented in EN 1994-2 
(2005) section 6.6. These rules state that the connection shall be designed to transfer the 
shear forces between the steel and the concrete parts, ignoring natural bond.  

The code also states that the shear connection should be capable of preventing separation 
at the steel-concrete interface, if separation is not prevented by other means. Headed 
studs, which meet the requirements in EN 1994-2 (2005), may be assumed to provide 
sufficient resistant to uplift. This requirement might however be an important issue for 
other types of shear connectors, which is discussed in Chapter 4 of this thesis. 

The design rules for the static resistance of headed studs, in EN 1994-2 (2005), are based 
on empirical examinations over the years (Hicks 2017, Roik et al. 1989). The design 
requires a double verification of the shear connection resistance, where equation (2.1) 
gives the shear resistance in case of a failure in the shear stud, while equations (2.2) and 
(2.3) give the shear resistance in case of a failure in the concrete. 

����� � 	
����� ��
��  (2.1) 

����� � 	
������������
��  (2.2) 
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where��V is the partial factor, d is the diameter of the shank of the studs, fu is the ultimate 
tensile strength of the stud material (limited to 500 MPa), fck is the characteristic cylinder 
compressive strength, Ecm the secant modulus of elasticity of concrete and hsc is the overall 
nominal height of the stud connector.  

To enable an assumption of ideal plastic behaviour of the shear connection, there is an 
additional ductility requirement of a characteristic slip capacity of at least 6 mm,  

The design fatigue lifetime of a shear connection is governed by the design rules given 
in EN 1994-2 (2005) and EN 1993-1-9 (2005). The fatigue strength curve for headed 
studs, in normal weight concrete, is described by equation (2.4) . 

 12�34� � 12�34� (2.4) 

where �	R is the fatigue shear strength related to the cross-sectional area of the headed 
stud using the nominal diameter, �	c is the reference value at Nc = 2�106 cycles (i.e. the 
detail category 90 MPa), m is the slope of the fatigue strength curve (m = 8) and NR is 
the number of stress cycles.  

If another type of shear connector is used, than headed studs, the design should be based 
on tests and supported by a conceptual model. Annex B in EN 1994-1-1 (2005) provides 
a standard method for testing different types of shear connectors, by defining a standard 
test specimen (see Figure 2.6) along with recommendations covering the manufacturing 
of the specimens, the testing procedure and also the evaluation of the test results. This 
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Annex is of particular interest for the study of an alternative type of shear connector, 
presented in Chapter 4 of this thesis. 

 
Figure 2.6 Test specimen for standard push-out tests, from EN 1994-1-1 (2005) 

The brief presentation of the shear connection design, within this section, is far from 
complete. It is a selection of requirements and issues, which are considered to be of 
interest for the research presented later in this thesis. The complete set of requirements 
is provided by EN 1994-2 (2005) and its reference standards. 

2.4 Advantages of composite bridges 

As highlighted in the introduction of this chapter, steel-concrete composite bridges are 
characterized by an efficient use of the ingoing materials, utilizing the high tensile 
strength of the steel and the high compressive strength of the concrete (El Sarraf et al. 
2013, Hanswille 2011a). Hanswille (2011a) also highlights the high durability and the 
robustness of this type of bridges. 

A combination of high-strength steel and composite action enables slender and aesthetic 
structures, which might have increased the competitiveness of composite bridges (Collin 
& Lundmark 2002, Hanswille 2011a). The normal span to depth ratio is often within the 
range of 20-30 m, if there are no project specific restrictions on the girder depth 
(Kuhlmann et al. 2008b).  

In comparison to in-situ cast concrete bridges, composite bridges have a large benefit 
concerning the degree of prefabrication. The prefabricated steel girders can carry the 
weight of the formwork and the fresh concrete and also be launched, or lifted, into the 
final position with minimum or no impact on the activities on the ground below. This 
makes this type of bridge competitive especially in situations where it is hard, or even 
impossible, to find space for temporary supports (Collin & Lundmark 2002, Hanswille 
2011a). Examples of such situations are bridges over water, roads, railways etc., see Figure 
2.7a-c.  
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(a) Composite bridge over railway (b) Composite bridge over water 

  
(c) Composite bridge over motorway (d) Scaffolding for concrete bridge 

Figure 2.7 (a)-(c) Examples of composite bridges, (d) In-situ cast concrete bridge under construction 

Figure 2.7d illustrates the differences in comparison to an in-situ cast concrete bridge, 
where a lot of temporary scaffolding often are used to carry the weight of the formwork 
and the fresh concrete, prior to the hardening. However, it should be noted that also 
concrete bridge girders can be prefabricated, partly or totally, and that movable 
scaffolding systems or incremental launching techniques can enable concrete bridge 
construction without access to the ground below. A comparison of these two techniques 
are presented by El Hamad & Tanhan (2018).  

Short span bridges, with spans up to 30 m, are often built as concrete bridges, while the 
benefits of composite bridges increase for longer spans. The significantly lower weight 
enables longer spans, limited by the strength of the superstructure or the strength of the 
foundation and the corresponding settlements (Hanswille 2011a). El Sarraf et al. (2013) 
presents potential span ranges for different types of road bridge superstructures, combined 
with information about economic span lengths as well, see Figure 2.8. The numbers are 
from New Zealand and might be affected by local requirements and traditions, but can 
be used as a general indication of suitable types of superstructures for road bridges in 
different span ranges. 
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Figure 2.8 Suitable road bridge superstructures for different span ranges (after El Sarraf et al. 2013) 

Traditionally, the bridge alternative with the lowest initial cost has often been the one 
that has been built. Nowadays, there are several other factors that should be taken into 
account when a proper structure, or strengthening method, is chosen, Example of such 
factors are CO2-emission, impact on road users, working environment, social 
environment, maintenance aspects etc. There are different approaches of how to deal 
with the different type of factors. One holistic approach that considers the sustainability 
of steel-composite bridges during the entire life-cycle has been presented by Kuhlmann 
et al. (2013). This approach is primary based on three different components: Life-cycle 
Assessment (LCA), Life-cycle Costs (LCC) and Functionality analyses. Where LCA 
represents the environmental quality, LCC the economic quality and Functionality 
analysis the social and functional quality. 

As highlighted above, there are many factors and aspects that need to be taken into 
account when choosing, or designing, an appropriate bridge structure. In the end, the 
optimal structure for the society is often a compromise between different aspects, strongly 
dependent on how these aspects are weighted. In the remainder of the thesis, the author 
has investigated two different methods to reduce the impact on the road users, when 
new bridges are built or existing bridges strengthened. Chapter 3 is focused on 
prefabricated composite bridges in general, and particular on a prefabrication concept 
with prefabricated concrete deck elements with dry joint. While Chapter 4 is focused on 
strengthening by post-installation of shear connector in general and Coiled Spring Pins 
in particular. 
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Chapter 3 

PREFABRICATED COMPOSITE 
BRIDGES 

In order to shorten the time spent on the construction site s, different prefabrication 
techniques can be used. The degree of prefabrication spans from single elements to entire 
structures, fabricated off-site and then transported to the site and erected in a matter of 
hours or days, instead of months. This chapter deals with prefabrication of composite 
bridges in general and concrete deck elements in particular.  

The chapter is complemented by the appended Paper I-V, which give more detailed 
information about the research. Additional information is also provided in the previously 
presented licentiate thesis by the present author (Hällmark 2012a). 

3.1 Introduction 

The time spent on a bridge site can often be shortened by using a more industrial 
approach to the construction process. The definition of the term “industrial”, in the 
construction industry, seems to vary from one author to another. Simonsson (2008) gives 
some examples of different interpretations, and defines also his own definition as: “a 
modernisation process of the construction industry for a smarter and more sustainable 
production”. One philosophy that often is mentioned together with industrialised 
construction is lean production. 

Lean production is an approach that was started by Toyota in the middle of the 20th 
century. Womack et al. (2003) describes the lean thinking concept in detail. Briefly, it is 
all about eliminating waste (Muda) from the production process, and to do “more and 
more with less and less” as Womack et al. (2003) writes. 

If lean production is applied on a bridge construction process, the aim is to minimize the 
waste activities. The first step might be to prefabricate reinforcement cages to the supports 
or to use reinforcement carpets, which are rolled out on site as deck reinforcement. 
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Another waste activity is the concrete compaction work task. If traditional vibrated 
concrete is replaced by self-compacting concrete (SCC), it would be possible to eliminate 
this work task. These examples can all be classified as industrial in-situ construction.  

In order to shorten the time spent on the construction site even more, industrial 
prefabrication can be applied. This means that construction elements are produced off-
site in a controlled workshop environment, under strict environmental- and quality-
controls.  

Prefabrication offers several advantages but also some disadvantages. Some of the main 
advantages and disadvantages are presented in Paper II and briefly listed below (Culmo 
2009, Hällmark et al. 2009, NCHRP 2003).  

Advantages:  Reduction of the construction time on-site; reduced impact on the 
traffic and the environment; lower road user costs; production 
performed in a controlled indoor climate; improved working 
environment and safety. 

Disadvantages: Tighter tolerances; increased need of control programs; lack of 
experience among designers and contractors; non-standardized details. 

Traditionally, the road user costs have often been neglected when different design 
alternatives have been compared. A study done in the US, shows that the initial monetary 
costs of prefabricated bridges are often a bit higher, or comparable, with the costs of 
bridges constructed with traditional on-site techniques (NCHRP 2003). However, 
Culmo (2009) indicates that the state traffic agencies in the US that use prefabrication 
more frequently have lowered the initial costs significantly. If the road user costs are 
taken into account, the traditional construction technique tends to be more expensive. 
Similar conclusions have also been presented by Nilsson (2001) and Degerman (2002), 
based on two Swedish case studies. In recent years, the Swedish Transport Administration 
(Trafikverket) has introduced a mandatory requirement to perform life cycle cos t analysis 
(LCC) including the road user costs, in the early stage of the design process before 
choosing the appropriate type of structure. Such a change can promote the use of 
prefabricated structures, when it is appropriate. Paper I and II are both dealing with 
economic issues concerning prefabricated bridge construction. This issue is also discussed 
in the Final Report from the RFCS-project ELEM (Möller et al. 2012a). 

Although prefabrication is possible for all structural parts of a bridge structure, the 
superstructure tends to be the bridge component that is most suitable for prefabrication, 
according to a survey performed in the US (NCHRP 2003). This thesis is also limited 
to the bridge superstructure. 

3.2 Prefabricated superstructures of composite bridges  

There are different degrees of prefabrication for composite bridge superstructures. From 
a low degree of prefabrication, where only the steel girders are prefabricated, up to 
prefabrication of the entire bridge structure. The author has defined five levels of 
prefabrication illustrated in Figure 3.1.  
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Figure 3.1 Different levels of prefabrication for composite bridge structures. 
 

As a part of the research, a state-of-the-art review was performed on prefabricated bridge 
construction. This study is presented in Paper I and complemented by additional 
examples in Hällmark (2012a). Similar studies have been presented by Collin et al. 
(1998), Ralls et al. (2005) and Gordon & May (2007) among others.  

From the US, the Accelerated Bridge Construction (ABC) approach should be 
highlighted, where prefabrication of bridge components is a vital part. Several ABC-
projects and different design solutions are presented by FHWA (2018a, 2018b), NCHRP 
(2009), Culmo (2011) and Culmo et al. (2017), among others. There are, however, 
numerous examples of prefabricated composite bridge superstructures from all over the 
world. A few examples from Asia are given by Shim et al. (2010), while Berthellemy 
(2009), Seidl et al. (2009a,b) and Möller et al. (2012a) presents some European examples. 

3.3 Prefabricated concrete deck elements 

Roughly speaking, there are two types of prefabricated concrete deck elements, partial 
depth elements and full depth elements.  

Partial depth elements are used as collaborating formwork, requiring on-site 
reinforcement work and in-situ concreting of the upper part of the deck slab.  
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In contrast to partial depth elements, full depth elements only requires in-situ concreting 
of the longitudinal joints between the steel girders and the concrete deck elements, and 
in most cases also in the transverse joints between the elements. Some reinforcement 
work is also often needed in the transverse joints between the elements.  

The research presented in the remainder of this chapter is limited to a prefabrication level 
corresponding to Level 4 in Figure 3.1, i.e. prefabricated steel girders and full depth 
concrete deck elements. In the two following sections, the different types of joints will 
be in focus. 

3.3.1 Longitudinal joints 

A literature review performed by the author indicates that the design of the longitudinal 
joints varies a lot between different project and countries. The author has chosen to 
divide the type of longitudinal joints into four different groups, depending on the design 
of the recesses for the in-situ cast concrete, see Figure 3.2.  

(a) Open joints 

   

(b) Pocket joints 

   

(c) Channel joints 

   

(d )Studs in individual recesses 

   

Figure 3.2 Different types of longitudinal joints in prefabricated concrete deck elements 

Open joints (a) seems to be the most common solution, examples can be found from 
Sweden, Finland, USA, France etc. (Collin et al. 1998, Hällmark et al. 2012b, Culmo 
2011). The pocket joints (b), with grouped shear connectors, are also quite common and 
experiences from this type of joints is presented by Collin et al. (1998), Ralls et al. (2005) 
and Shim et al. (2010) among others. The injection channel joints (c), have been used 
successfully in several countries (Stoltz 2001, Hällmark et al. 2009, 2012b), while 
experiences from the on-site welding of studs in individual recesses (d) only have been 
found in France (Berthellemy 2009, Ralls et al. 2005).  

A more detailed review of the different type of longitudinal joints, and their pros and 
cons, is presented in (Hällmark 2012a) and (Möller et al. 2012a). 

3.3.2 Transverse joints 

The literature review indicate that an in-situ cast joint is, by far, the most common type 
of joint between two prefabricated concrete deck elements, the transverse joint. This 
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type of joint is denoted “wet joint” in this thesis and covers a huge amount of different 
types of detailing. Some examples of wet joints are shown in Figure 3.3 and are presented 
more detailed in (Hällmark 2012a). 

 
(a) In-situ reinforced joint, Sweden [1] 

 
(b) In-situ reinforced joint, Japan [2] 

 
(c) “Slot-in” reinforced joint, USA [3] 

  
(d) Welded joint and the geometry of the flat 
steel profile embedded in the concrete [4] 

   
1. Female-female-joint      2. Female-male-joint              3. Butt-joint        4. Post-tensioned F-F-joint 

(e) In-situ cast concrete shear keys [5] 

 
(f) CRC-joint (Compact-Reinforcement-
Composite) [6] 

[1] Ingbo Bridge, Sweden (Collin et al. 1998) 

[2] Ralls et al. (2005) 

[3] Live Oak Creek Bridge, US (Culmo 2011)  

[4] Idijokki Bridge, Sweden (Collin et al. 1998)  

[5] After Markovski (2005) 

[6] Harryson (2008) 

Figure 3.3 Examples of wet joints 

To shorten the time spent on the construction sites even more, a prefabricated concrete 
deck system with dry joints can be used. A transverse joint must be capable of transferring 
the vertical and the horizontal shear forces from one side of the joint to the other. If the 
deck elements are pre-stressed by a clamping force, it would be possible to make use of 
the friction between the elements to create a dry joint. However, creep and shrinkage 
must be considered during the lifetime of the bridge. Another possible solution is to use 
overlapping concrete shear keys to transfer the shear forces. The research presented in 
this chapter is focused on the latter one. 
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Dry joints with shear keys have been used in different type of superstructures, from pre-
tensioned segmental concrete bridges to composite bridges with and without pre-
stressing tendons. Hewson (2003) presents some examples of different designs of dry 
joints with shear keys in pre-tensioned segmental bridges, while Berthellemy (2009), 
Möller et al. (2012a) and Collin et al. (1998) reports about some French, German and 
Swedish experiences from composite bridges with pre-tensioned prefabricated concrete 
deck elements with dry joints, see Figure 3.4a-b.  

 
(a) Prefabricated bridge deck element with dry joints, France (Berthellemy 2009) 

 
(b) Dry joints with linear shear keys, Germany 
(Möller et al. 2012a) 

 
(c) Dry joints with overlapping conrete shear 
keys, Sweden (Hällmark 2012a) 

Figure 3.4 Examples of different types of dry joints in prefabricated concrete deck elements 

In contrast to the other examples, there are some Swedish experiences from single span 
composite bridges without any pre-stressing tendons (Collin et al. 1998, Stoltz 2001), see 
Figure 3.4c. The deck elements have, however, been clamped together by bolting the 
prefabricated back walls to the end plate on the steel girders. This results in an initial 
compressive force in the concrete deck, which might be regarded as a form of pre-
stressing, but it is mainly used to minimise the gaps in the dry joints, prior to the in-situ 
concreting of the longitudinal joints. 

The Swedish design of the shear keys has varied from stainless steel rods to concrete shear 
keys, see Figure 3.5a-c, where alternative (c) is the latest design. 

 
     (a) Stainless steel stud                  (b)Internal shear key               (c) Overlapping shear keys 

Figure 3.5 Swedish examples of different shear keys used in concrete deck elements with dry joints 
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Although there are many interesting research questions among both wet- and dry-joints, 
the research on prefabricated bridge deck elements, performed by the author, has been 
limited to prefabricated elements with dry-joints with overlapping shear keys of the type 
shown in Figure 3.5c.  

3.4 Prefabricated concrete deck elements with dry joints 

The type of prefabricated concrete deck elements that has been in focus, in the research 
conducted by the present author, is briefly presented in this section by describing the 
prefabrication concept from the manufacturing process to the final assembly. Paper II 
gives a more detailed overview of the design, manufacturing and erection procedure, 
together with a summary of experiences from bridge projects in which this type of 
prefabrication concept has been used. 

The design of this concept is characterised by a high degree of prefabrication, utilizing 
longitudinal channel joints and dry transverse joints (see Figure 3.2c and Figure 3.4c) to 
get a cured concrete deck surface directly after the installation, excluding the local 
injection holes (Ø100 mm) for the casting of the longitudinal joints. 

This type of prefabricated concrete elements deviates from other concepts in that sense 
that they have totally dry transverse joints between the elements, in combination with 
no external or internal pre-stressing tendons. The shear forces are transferred from one 
element to another by overlapping concrete shear keys. The design of the joints can be 
seen in Figure 3.6, which shows pictures from the erection of two Swedish bridges that 
have been built with this concept (Hällmark et al. 2009). 

  

Figure 3.6 Erection of elements at the Norrfors Bridge (left) and the Rokån bridge (right) 

The overlapping shear keys imply that the elements must be erected with a longitudinal 
displacement larger than the depth of the shear keys. The assembly tolerances, between 
the reinforcement bars in the bottom of the elements and the shear studs at the steel 
girder top flanges, are tight and crucial for the installation process, as illustrated in Figure 
3.7.  
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Figure 3.7 Illustration of the tight tolerances during installation (Hällmark et al. 2009) 

The concrete elements must be manufactured with very tight tolerances, both regarding 
the geometry of the elements and the positions of the reinforcement bars. The elements 
are always match-cast, with the previous cast element as formwork on one side and a 
steel formwork on the other sides. To assure that the elements will fit into each other, it 
is necessary to cast the elements in the same order as they will be erected on-site. So far, 
the described concept has been implemented successfully on bridges with lengths up to 
30 m. By using additional control programs, at the bridge site and in the steel- and 
concrete-workshops, it should be possible to implement the concept on bridges up to 
�40 m without using wet-joints. For longer bridges, the tight tolerances will probably 
make it necessary to use some wet joints in order to reset the cumulative errors in relation 
to the ideal geometry. (Hällmark et al. 2009) 

When all elements are in their final positions, the joint gaps can be reduced by pushing 
the elements together. This can be done by pulling the prefabricated end-screen elements 
against the deck elements, by using pre-stressed threaded bars between the steel girder 
end-plate and the end-screen element, see Figure 3.8.  

 
Figure 3.8 Illustration of how a clamping force can be applied prior to the injection of the channels 
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After the elements have been pushed together, the channels are injected with a suitable 
concrete through the injection holes at the top surface, see Figure 3.9. In order to avoid 
air entrapment, air release holes (Ø16 mm) have been used every 300-400 mm.  

 
Figure 3.9 Illustration of the design of the longitudinal joint 

After the channels have been injected, the waterproofing can be installed almost 
immediately, since the concrete top surface is made of prefabricated concrete, with the 
exception of the injection holes. The next step is to add pavement to the bridge surface 
and then take it into service. 

The prefabrication concept described in this section has been investigated by the author, 
in order to get a better understanding of the structural behaviour and to contribute to a 
progress towards general design guidelines for this type of bridges. The research has been 
focused on three aspects; structural behaviour, shear keys and design and production 
issues. These three aspects are in focus in the following sections. 

3.4.1 Structural behaviour 

The structural behaviour has been investigated through large-scale tests, performed in 
the MCE-Lab at LTU, and by field monitoring performed on a single span bridge 
constructed in line with the studied concept, see Figure 3.10. The results from the tests 
have been evaluated and compared to FE-models as well as suggested design models. 

  

Figure 3.10 Large-scale laboratory test (left) and field monitoring of the Rokån Bridge (right) 
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This section gives a brief summary of the tests and the outcome, while more details are 
presented in the appended Paper IV and V. Paper IV describes the field monitoring of 
the Rokån Bridge, while Paper V presents the large-scale laboratory tests. The author’s 
licentiate thesis (Hällmark 2012a) provides additional results and detailed drawings of the 
specimens and the test set-ups. 

Field monitoring test set-up and test program 

In year 2000, the Rokån Bridge was built in the northern part of Sweden. This  16.2 m 
long single span bridge was designed and constructed in line with the prefabrication 
concept presented in this thesis. In 2001, the bridge was monitored in order to study the 
structural behaviour. This field monitoring and the conducted laboratory tests have all 
been focused on the short-term behaviour, except the fatigue test presented in Paper II. 
In order to study the long-term behaviour of this type of bridge, a second field 
monitoring was performed on the same bridge, in year 2011. Paper IV describes the new 
field monitoring in detail, while this section gives a brief summary of the test set-up and 
the test program. 

The monitoring was focused on the steel girder strains and the deflection of the steel 
girders. In order to make it easier to compare the test results from year 2001 and 2011, 
the measuring sensors were all placed in the same positions in both tests. The deflections 
were measured at the supports and in midspan on both steel girders, while the steel strains 
were measured in three sections in one of the girders and in two sections in the other. 
Figure 3.11 shows a schematic illustration of how the bridge was monitored.  

 
Figure 3.11 Schematic illustration of the monitoring of the Rokån Bridge 
 

Before the tests started, the truck was weighted and the aimed load positions were marked 
on the pavement in both the longitudinal and the transversal directions. The truck was 
driven over the bridge along three longitudinal lines: the centre line of the bridge and 
the centre lines of each girder. The test vehicle was stopped at two designated positions 
along each line. The first stop was when the front axle was in the middle of the span, 
and the second stop was when the bogie was centred at midspan. A similar load pattern 
was used in year 2001. 
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Large-scale test set-up, specimen and test program 

The non-destructive large-scale tests were performed on one single specimen, which was 
designed to enable two different test set-ups. The first test set-up simulated an internal 
support with negative bending moment, while the second test set-up simulated a midspan 
section under positive bending moment, as illustrated in Figure 3.12.  
 

 
Figure 3.12 Schematic illustration of test set-up 1 and 2 
 

The specimen consisted of four prefabricated concrete deck elements and two steel I-
girders. The transverse deck joints were designed as dry joints with overlapping shear 
keys, while composite action was achieved by in-situ casting of the longitudinal joints. 
The concrete deck elements were designed with shear keys in scale 1:1, in comparison 
to the previously used shear keys in real structures. The lengths of the concrete elements  
were 1.8 m, i.e. the distance between the dry joints, which corresponds well to the 
dimensions used in real bridges. The outer dimensions of the complete large-scale 
specimen were 7.2 x 3.5 x 1.1 m. 

Five different types of measurements, excluding the measured force and stroke in the 
hydraulic actuator, were conducted during the tests: steel girder strains, concrete strains, 
reinforcement bar strains, vertical displacements and joint openings. A schematic 
illustration of the instrumentation of the specimen is shown in Figure 3.13.  

Thirteen tests were performed on the specimen, in line with the test program presented 
in Table 3.1.  

Table 3.1 Test program for the large-scale laboratory tests 

Test no: Type of load situation F [kN] Load cycles 
Test 1 Set-up 1 - one point load 100 - 
Test 2 Set-up 1 - one point load 280 - 
Test 3 Set-up 1 - two point loads 310 - 
Test 4 Set-up 1 - two point loads 430 - 
Test 5 Set-up 1 - two point loads 5-250 50 
Test 6 Set-up 1 - one point load 250 - 
Test 7 Set-up 1 - two point loads 400 - 
Test 8 Set-up 1 - two point loads 5-250 50 
Test 9 Set-up 2 - two point loads 500 - 
Test 10 Set-up 2 - two point loads 5-450 100 
Test 11 Set-up 2 - one point loads 300 - 
Test 12 Set-up 2 - one point loads 450 - 
Test 13 Set-up 2 - one point loads 5-400 100 
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Figure 3.13 Schematic illustration of the instrumentation of the large-scale test specimen 
 

Test results and analysis 

The test results from the large-scale tests and the bridge monitoring are briefly presented 
and analysed in this section. A complete presentation of all results is provided in Hällmark 
(2012a). 

Composite action – interacting concrete area 
The results, from the laboratory tests and the field monitoring, indicate that a cross-
section in a prefabricated composite bridge with dry deck joints has a lower stiffness than 
a corresponding cross-section in a composite bridge with an in-situ cast bridge deck 
(Hällmark et al. 2012a, 2013a, 2013b). 

In regions with negative bending moments, near internal supports, the results from the 
tests and the FE-analysis show that the global stiffness contribution from the concrete 
deck is negligible. The measured strains in the steel, concrete and reinforcement bars, as 
well as the measured deflections, are all indicating the same (Hällmark et al. 2012a, 
2013b). The limited contribution from the concrete deck was expected, since the forces 
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carried by the composite section must enter and leave the concrete deck every 1.5 m, 
which corresponds to the distance between the outmost shear studs within an element.  

In regions with positive bending moments, midspan regions, the concrete in compression 
will contribute to the global stiffness. However, results from laboratory tests  and field 
monitoring indicate that the interacting concrete area is less than the interacting area in 
a corresponding cross-section with an in-situ cast concrete deck slab (Hällmark et al. 
2013a, 2013b). The strain measurements, and the comparative calculations, indicate an 
effective width of the concrete deck slab, in SLS (Serviceability Limit State) and FLS 
(Fatigue Limit State), which on the safe side can be estimated by assuming an equivalent 
span (Le) equal to the longitudinal distance between the outmost shear studs within an 
element (Hällmark et al. 2012a, 2013b). This observation is also verified by similar tests 
performed at Rheinisch-Westfaelische Technische Hochschule (RWTH), reported by 
Möller et al. (2012a).  

The magnitude of the initial joint gaps are differing a lot between the Swedish and the 
German tests. In the tests reported by Hällmark et al. (2013b), the initial joint gaps were 
all less than 0.5 mm, while joint gaps with magnitudes of 1-5 mm were reported by 
Möller et al. (2012a). The deflection measurements in the latter tests indicated an initial 
effective concrete width corresponding to the width on the in-situ cast channels. These 
results, all together, indicate that the combination of intermittent joint gaps and 
continuous in-situ cast channels will influence the initial stiffness, even if the gaps are 
very small. The reason to the large differences in the initial joint gaps, between the tests 
reported by Hällmark et al. (2013b) and Möller et al. (2012a), can be explained by 
differences in the manufacturing of the concrete deck elements. The Swedish tests 
utilized match-casting, with the previous cast element as formwork on one side of the 
next element, while a steel formwork was used for the German elements. The 
measurements show that the initial gap of the match-cast joints were about ten times 
smaller than the initial gaps between elements cast in steel formwork. 

The tests reported in (Hällmark et al. 2013a, 2013b) were all non-destructive tests 
performed to study the behaviour in SLS and FLS. The research project partners at 
RWTH performed tests on a similar type of large-scale specimens, but loaded the beams 
until failure. These tests were performed to study the behaviour in the Ultimate Limit 
State (ULS) and are reported in (Möller et al. 2012a). The latter tests indicate that the 
magnitude of the initial joint gaps will influence the ultimate capacity of the composite 
section, since the stress concentrations in the concrete contact areas will increase with an 
increasing initial gap, governing the initial concrete failure. Figure 3.14 shows the load-
displacement curves from the tests, where the specimens VT1 – VT3 had prefabricated 
concrete deck elements, while specimen VT4 was a reference test with an in-situ cast 
deck slab. The test results indicate that the stiffness, as well as the ultimate capacity, of a 
composite section with dry deck joints is somewhat lower in comparison to a 
corresponding composite section with an in-situ cast deck. The test results also indicate 
that the load capacity is affected by the magnitude of the initial joint gaps. However, the 
tested capacity still reaches, or almost reaches, the calculated ultimate limit capacity (Pcalc) 
according to EN 1994-2 (2005). The latter is calculated with tested values of the material 
parameters and without partial safety factors (Möller et al. 2012a). These observations 
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indicate that there is no large reduction of the effective width of the interacting concrete 
in the ULS, in comparison to the model suggested by EN 1994-2 (2005), even though 
the initial joint gaps are far larger than the recommended tolerances, see section 3.4.3. 
However, due to the limited number of test results available, it might be appropriate 
with some reduction of the interacting concrete area. 

 

Figure 3.14 Load-displacement curves for the large-scale tests reported in Möller et al. (2012a) 

Joint openings 
To protect the concrete top surface from degradation due to water, chlorides etc., 
waterproofing layers are often used. A negative bending moment, resulting in tensile 
stresses in the concrete deck, will cause an elongation of the waterproofing over a very 
short distance near the joints. This may result in a rupture of the waterproofing layers 
and lead to leakage through the joints. Therefore, it is important to distribute the 
elongation of the waterproofing over a longer distance, which implies that the 
waterproofing layers cannot be completely fixed to the concrete deck slab near an 
opening joint. Fatigue tests of the waterproofing and the pavement have been performed, 
at KTH (The Royal Institute of Technology in Stockholm), to investigate the durability 
of different waterproofing solutions. The results and conclusions from these tests are 
presented by Möller et al. (2012a) and briefly summarised in (Hällmark 2012a). 

The detailed design of the waterproofing is out of scope for this thesis. However, the 
magnitude of the joint opening, due to negative bending moments, is of interest as a 
design criterion for the waterproofing and for the pavement. Based on the large-scale test 
results reported in (Hällmark et al. 2013b, Hällmark 2012a), a design model to estimate 
the joint openings (�j) has been suggested, see (3.1). 

56 � 7�89: ;<=�
�9 > ?@ABC"�D:�E@AB > F@G@3 (3.1) 

Mmean  = mean value of the moment distributed over the length of one element 
Wtf  = elastic section modulus at the upper side of the top flange 
eCG  = vertical position of the neutral bending axis with the origin at the steel 

concrete interface, with positive values downwards (0.400 m) 
hconc = concrete deck thickness (0.290 m) 
Lelem = concrete deck element length (1.800 m) 
Ea   = elastic modulus for the structural steel (210 GPa) 



Prefabricated composite bridges 

33 

 

The previously presented results, regarding the degree of composite action, for a section 
under negative bending moment indicate that it is reasonable to assume no composite 
action at all in such sections. Therefore, the joint openings are estimated based on the 
stiffness of the steel girder alone. Table 3.2 shows a comparison between the estimated 
joint opening (�j) and the measured joints opening (�j,meas) above an internal support, 
tested at different load levels (P) in the large scale tests reported in (Hällmark 2012a). The 
measured joint openings are �10-20% lower than the openings calculated in line with 
equation (3.1), with an absolute difference less than 0.2 mm. This comparison indicate 
that equation (3.1) gives conservative results and that it can be used to establish the design 
criterion for the elongation of the waterproofing. 

Table 3.2 Theoretical joint openings vs. measured joint openings  
 P [kN] Mmean [kNm] �j [mm] �j,meas. [mm] 

Test 1 100 147 -0.38 -0.30 
Test 2 280 412 -1.08 -0.95 
Test 3 310 456 -1.19 -1.02 
Test 4 430 633 -1.65 -1.49 
Test 5 250 368 -0.96 -0.80 
Test 6 250 368 -0.96 -0.83 
Test 7 400 589 -1.54 -1.33 
Test 8 250 368 -0.96 -0.81 

 

Long-term behaviour 
The long-term behaviour, of a prefabricated bridge of this type, has been studied by a 
comparison of the results from two field-monitoring occasions at the Rokån Bridge, 
performed in 2001 and 2011, respectively. 

From the test results for the eccentric load cases, it can be noted that the distribution of 
the deflection between the loaded girder and the passive girder has changed from year 
2001 to 2011. The relative deflection of the passive girder in relation to the active girder, 
was 0.4 in the previous test and 0.3 in the latter test, with a magnitude of the scatter as 
low as +/- 0.01. This difference might indicate that there were larger joint gaps in 2001, 
which might have been closed or partly closed during the time elapsed between the tests 
(10 years). One possible explanation is that there has been an abrasion of irregularities at 
the concrete contact surfaces, giving a better distribution of forces over the joint. If this 
was the case, the deflection of the bridge due to the weight of the structure should have 
increased over time. However, since the absolute vertical positions of the girders were 
not measured in 2001, it was hard to verify this effect ten years later. Even if the data had 
been available, it would have been hard to identify this effect among the effects of the 
concrete creep and shrinkage. 

It can also be noted that the studied bridge was inspected in 2014, by the Swedish 
Transport Administration, and no comments related to the dry joints were made in the 
subsequent report.  
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Recommendations for the structural design 

Based on the test results presented above, and in Paper IV-V, design recommendations 
for the structural analysis and the cross-sectional design are presented below. 

Global analysis 

EN 1994-2 5.4.1.2 - Effective width of flanges for shear lag: 

Positive bending moment (concrete in compression): 
 ULS  A fairly similar behaviour as for in-situ cast concrete decks has been 

verified by (Möller et al. 2012a). Due to a limited amount of tests, 
and results somewhat lower than the results from a corresponding 
test with an in-situ cast deck, it is recommended to use only 80% 
of the interacting concrete area according to EN 1994-2 (2005). 

 SLS/FLS  It is recommended to use an equivalent span length (Le) equal to 
the longitudinal distance between the outermost shear studs within 
an element. 

Negative bending moment (concrete in tension): 
 ULS/SLS/FLS It is recommended to use the bending stiffness of the steel cross-

section alone, since the degree of composite action is very limited. 

EN 1994-2. 5.4.2.3 (3) – Effects of cracking of concrete 

  Since there are no reinforcement bars crossing the dry joints, the moment of inertia 
(I2) should be based on the equivalent effective steel cross-section without 
including the longitudinal reinforcement. 

Resistance of cross-sections 
If the concrete deck is in compression, both bending moments and normal forces taken 
into consideration, then the resistance can be checked according to the common rules 
given in EN 1994-2 (2005), but with 20% reduction of the interacting concrete area 
(factor 0.8). The reduction is due to the limited number of tests loaded until failure. 

If the concrete deck is in tension, both bending moments and normal forces taken into 
consideration, the steel section should be designed to carry the entire load. 

Concrete element design 
The concrete element design can be performed according to EN 1992-1-1 (2004), EN 
1992-2 (2005) and EN 1994-2 (2005). Specific recommendations for the shear key 
design are presented in next section. 

Steel design 
The steel girders are designed according to the general requirements in EN 1994-2 
(2005) and the relevant parts of EN 1993, mainly EN 1993-1-1 (2005) and EN 1993-1-
5 (2006). No specific recommendations are given for the studied type of structure. It 
should, however, be noted that the shear stud spacing can result in problems if it is not 
done in a proper way. More about this in section 3.4.3, about production issues. 
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3.4.2 Shear keys - shear strength 

Shear keys are used to transfer vertical and lateral shear forces through the transverse 
joints, and to prevent vertical displacements between the adjacent deck elements. In the 
studied concept, the shear keys are designed as a series of overlapping male-female 
connections along the transverse joint, see Figure 3.15.  

 
Figure 3.15 Shear keys in prefabricated deck elements with dry joints 

The research concerning the shear keys is deviating a bit from the rest of the thesis, since 
it is focused on a concrete detail that can be used in different types of structures, not only 
composite bridges. However, the study of prefabricated composite bridges with dry deck joints 
would be somehow incomplete, if the shear keys would have been totally put aside from 
the study. 

Laboratory tests of the shear key strength have primarily been performed to demonstrate 
that the shear key concept works, but also in order to get a better understanding of the 
static failure mode, to be able to predict the static strength with a rational design criterion. 
The tested shear keys were designed with a similar reinforcement layout as those 
previously used in real structures. It should be noted that no attempts have been made to 
optimize the layout of the reinforcement, since this is more a question of an optimization 
of a concrete detail.  

The outcome of the laboratory tests are briefly presented in this section, while Paper III 
describes the tests in detail. The fatigue capacity of the shear keys has not been in focus 
in the research performed by the present author. However, the results from previously 
performed fatigue tests, by Stoltz (2001), are summarised in Paper II. 

Test set-up, specimens and test program 

A test series, focused on the vertical load transfer capacity of the studied shear keys, was 
conducted in 2010 at the MCE-Lab at LTU. The test specimens were designed to be 
representative to the design and behaviour of shear keys in real bridge decks. Different 
types of small push-out tests were initially considered, but later rejected to avoid 
situations where the applied load could be transferred directly into the supports, by 
inclined compressive struts. Focus was instead shifted to beam specimens, representing a 
strip of a real deck element. To avoid underestimations of the load distribution effects, 
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the specimens were given a width of 1300 mm, which can be compared to the 540 mm 
wide shear keys. Figure 3.16a-b presents the general geometry of the specimens, together 
with the reinforcement drawing for the Type 1 specimens, while Figure 3.17 shows as 
picture of the test set-up. 

 
Figure 3.16 General geometry of the test specimens and reinforcement layout for specimen Type 1 

 
Figure 3.17 The shear key test set-up 

Each of the six specimens had two shear keys and the test set-up was designed to enable 
individual testing of both shear keys within an element, which implies that 12 shear keys 
were tested. All tests were performed with a displacement-controlled load that was 
increased until a failure occurred in the loaded shear key. 



Prefabricated composite bridges 

37 

Three different layouts of the shear key reinforcement were studied, while the other 
parameters were kept constant. The reinforcement bars crossing the expected crack plane 
are schematically illustrated in Figure 3.16c. Four specimens were tested with Ø12 mm 
SX-rebars (SK1), four with Ø8 mm SX-rebars (SK2) and the last four without SX-rebars 
(SK3). 

Prior to the tests, the forces transferred by the shear keys in a bridge deck were estimated 
by a FE-model representing a part of a typical superstructure for the bridges built, so far, 
with this prefabrication concept. The model, which is presented more in detail in 
Appendix A section A.3.1, indicate a required shear key strength of 180 kN and 120 kN 
for the large and the small shear keys, respectively. 

Test results 

In Table 3.3 the measured shear strength (Vmax) is presented for the twelve tests, while 
Figure 3.18 shows the load-displacement curves. The plotted displacements (�) are the 
vertical displacements at the position of the applied load. 

Table 3.3 Ultimate shear strength for the tested shear keys 

  Vmax [kN]     Vmax [kN]     Vmax [kN] 

SK1:1 449  SK2:1 285  SK3:1 104 
SK1:2 337  SK2:2 222  SK3:2 114 
SK1:3 532  SK2:3 363  SK3:3 123 
SK1:4 370   SK2:4 376   SK3:4 82 

 

 

Figure 3.18 Load-displacement curves for the tested shear key specimens 

From the tests of the unreinforced shear keys, it can be noted that two out of four tests 
indicated a ductile post failure capacity, while the two other shear keys failed in a very 
brittle mode. Figure 3.19a shows a typical failure of the unreinforced shear keys. As 
expected, the unreinforced shear keys all failed to reach the capacity needed to resist the 
traffic loads given by EN 1991-2 (2005). 

For the reinforced shear keys, two different kinds of failures were observed in the tests. 
The first type of failure was a ductile failure, observed in five out of eight tests, with 
crack planes that crossed the shear reinforcement (SX-bars), see Figure 3.19b. The second 
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type of failure occurred in three shear keys and was caused by crack planes developed 
outside the shear key reinforcement, see Figure 3.19c, resulting in a separation of the 
concrete cover layer. This type of failure occurred at lower load levels than the previously 
describe failure mode, but still at loads �2-3 times higher than the failure load for the 
unreinforced shear keys. This gives an indication that there is a significant contribution 
from the reinforcement bars to the shear key strength, even if the final failure occurs 
outside the reinforcement bars. 

 
Figure 3.19 Different types of shear key failures 
 

Analysis 

One of the aims of the tests was to find a rational design model for the shear keys. In 
Paper III, four different design models have been compared to the test results:  
 

Model 1.  Classic beam linear elastic analysis (Betonghandboken 1990) 
Model 2. Concrete capacity (EN 1992-1-1 2004) 
Model 3. Reinforcement capacity (EN 1992-1-1 2004)  
Model 4. Force equilibrium model 

 
The comparison shows that: 

- Model 1 and 2 can be useful for estimating the strength of the shear keys without 
reinforcement  

- Model 3 gives results on the safe side, except when the failure occurs in the 
concrete cover layer 
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- Model 4 gives to high estimations of the shear key strength. This indicates that 
the vertical reinforcement bars do not influence the strength at much as assumed 
in the model. 
 

The test results show a considerable scatter, with different type of failure modes, which 
makes it hard to establish a general design criterion. Still there are some interesting 
observations that should be highlighted. 

All reinforced shear keys showed a sufficient capacity compared to the design load, also 
the shear keys that failed in the concrete cover layer. However, it is important for the 
robustness that failures in the concrete cover layers can be avoided. To ensure the 
robustness, the shear reinforcement bars need to be positioned correctly. If the concrete 
cover layer is too large, it might result in a shear failure outside the shear reinforcement. 
Bad positioning of the reinforcement bars are believed to be a part of the reason why 
failures occurred in the concrete cover layers. Figure 3.20 illustrates the difference in the 
accuracy of the positioning of the reinforcement bars between the specimens presented 
in this section and the large-scale specimen presented in Paper V. It should be noted that 
similar tolerances were prescribed in both cases. These differences illustrate how 
important it is that the manufacturer strictly follows the established control program, in 
order to achieve the desired tolerances. It can be noted that the prior specimen (a) was 
manufactured in a local concrete workshop, while the latter specimen (b) was 
manufactured by a company specialized on prefabrication of concrete structures.  

 
(a) Shear key test specimen 

 
(b) Large-scale test specimen 

Figure 3.20 Differences in the accuracy of the shear key reinforcement positions 

When shear keys have been tested as a part of a complete superstructure, with steel girders 
and prefabricated concrete deck elements on top, failure in the concrete cover layer has 
not been observed (Stoltz 2001, Hällmark et al. 2009). After the non-destructive large-
scale tests presented in Paper V, one of the joints was loaded until failure of the shear 
keys. Also in this test, there was no sign of cracking in the concrete cover layer. The 
cracks have instead been developed from the bottom of the shear keys and up to the 
concrete surface, activating the reinforcement, as shown in Figure 3.21a. This is the 
expected failure mode and also the failure mode predicted by FEM-modelling of the 
tests, performed by Mikael Hallgren (KTH), see Figure 3.21b.  
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(a) Photo of the expected type of failure (b) Failure predicted by the FE-analysis 

Figure 3.21 Illustration of the expected failure mode 

Based on the observations presented above, the author’s hypothesis is that the strength 
of the shear keys, within a structure, will be higher than the presented laboratory test 
results indicate, at least for single span bridges. This hypothesis is based on the fact that, 
in a real structure the surrounding elements will deflect together with the loaded element. 
This behaviour should result in larger contact surfaces that transfers the forces and also 
longitudinal compressive stresses in the upper part of the deck slab, which counteract the 
tensile stresses that occur due to the shear forces.  

The results, from the previously performed fatigue tests and the static tests presented in 
this section, show that the previously used design of the shear keys (SK1) has a sufficient 
capacity to transfer the forces caused by the traffic loads in EN 1991-2 (2005), on the 
studied type of superstructure. The static tests also indicate that it would be possible do 
decrease the amount of shear reinforcement in the shear  keys. However, if the shear 
reinforcement bars are changed from Ø12 mm to Ø8 mm, the reduced amount of steel 
will only be less than 20 kg/element, assuming the type of element previously used in 
Swedish bridges. The author recommends that further development of the shear keys 
should be focused on optimizing the layout of the shear reinforcement. 

Recommended design criterion 

With the available knowledge, it is recommended to design shear keys according to the 
formula for inclined shear reinforcement in EN 1992-1-1 (2004) equation (6.13), i.e. 
Model 3 presented in Paper III. This formula can be simplified for shear keys with 
inclined shear reinforcement bars in one single line, 

 H���� � I�J(KJ�LMN �   (3.2) 

Where: VRd,s is the shear strength 
   Asw is the cross-sectional area of the shear reinforcement 
   fywd is the design yield strength of the shear reinforcement 
   � is the inclination of the shear reinforcement related to the 

longitudinal axis of the superstructure 
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3.4.3 Production issues 

This section summarizes the experiences from the production of test specimens as well 
as the experiences from the design and construction of three Swedish single span bridges 
in which the studied prefabrication concept has been used. Suggestions how to deal with 
the different production issues are briefly presented below, while a more detailed 
overview of the production issues are given in the attached design guidance in Appendix 
A. The latter is the present author’s contribution to a public available design guide on 
composite bridges with prefabricated decks (Möller et al. 2012b), which was an outcome 
of the European research project ELEM, RFSR-CT-2008-00039. 

It should be highlighted that the recommendations presented below are based on 
important production aspects and design details identified by the author. However, these 
examples do not claim to be comprehensive. It is likely that other bridge designers will 
identify additional critical aspects and encounter design problems that have been 
overlooked in this study. 

Concrete elements 
- Match-casting, together with an individual numbering of each element, is 

essential to ensure as small joint gaps as possible.  

- The positions of the transversal reinforcement bars, in the bottom layer, are 
crucial to avoid collisions with the shear studs at installation. The formwork 
used to create the longitudinal recesses, the in-situ cast channels, can be used 
as templates for the positioning of the transversal reinforcement bars. 
Additional controls are needed to assure that the bars, or the templates, are in 
the right positions. 

- It is recommended to measure the gaps in each joint by doing a test assembly 
in the concrete workshop. At this stage, without applying a clamping force, 
the mean values of the joint gaps have been allowed to be up to 1.0 mm, in 
the bridges built so far. 

- To avoid damages, especially on the shear keys and the joint surfaces, the 
elements should be handled carefully during the transport and the erection. 

- The bridge designer should prescribe lifting anchors and their positions, to 
ensure that the elements are lifted only in the pre-determined positions that 
have been designed for lifting. 

- The in-situ cast channels, the injection holes and the air release holes should 
be designed to avoid air entrapment. 
 

Steel girders 
- The positions of the shear studs, in relation to the transverse bottom 

reinforcement bars, are crucial to avoid collisions under the erection of the 
elements. Additional control programs are needed, both in the steel- and the 
concrete-workshop as well as on the bridge site. 
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- It is strongly recommended to use 3D-models for the design drawings, to 
ensure that there are no collisions between the reinforcement bars and the 
shear studs, in any stage of the installation process. 

- The recommended tolerances for the positioning of the shear studs is ± 5 
mm. To avoid repetitions of the same type of error, the absolute position of 
the first and the last shear stud within an element should be checked. 

- Prior to the erection of the first concrete element, it is recommended that 
the alignment of the steel girders is checked, to ensure that all elements can 
be installed without collisions. 
 

Installation 

- The concrete elements should be pushed against each other to minimize the 
joint gaps.  

- After the elements have been pushed together, the mean value of the joint 
gap should be ≤ 0.40 mm. In Sweden, so far, a maximum gap of 1.5 mm has 
been allowed locally over a length of less than 1.0 m.  

- For the in-situ cast channels, it is recommended to use a concrete suitable for 
injection, together with a full-scale test of the filling ability. 

- It should be ensured that the air-release holes are open prior to the injection. 
 

Waterproofing 

The installation of the waterproofing is a bit off topic for this thesis. However, for multi-
span continuous bridges it is very important that the waterproofing is properly designed, 
to avoid future maintenance problems due to water leakages in the joints. Within the 
RFCS-project ELEM, the project partners at KTH have performed some studies on the 
waterproofing, the results are briefly presented in Appendix A. 

- For single-span bridges, conventional waterproofing systems can be used. 

- For multi-span bridges, the durability of the standard waterproofing system 
must be improved to ensure that it can withstand the opening of the dry 
joints (Möller et al. 2012a). 
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Chapter 4 

POST-INSTALLED SHEAR 
CONNECTORS 

There are numerous types of strengthening techniques to keep existing structures in 
service and to enable higher loads or additional load cycles. This chapter deals with one 
specific method for one specific type of structure, which is post-installation of shear 
connectors in non-composite steel-concrete bridges. The research has been focused on 
a specific type of shear connector called Coiled Spring Pin. 

The appended Paper VI-IX complement this chapter by providing additional and more 
detailed information about the research.  

4.1 Introduction 

The traffic density and the vehicle weight have been increasing over time and the 
tendency seems to continue (Lumsden 2004). This implies that many existing bridges 
experience higher traffic loads and higher number of load cycles than they originally were 
designed for. Finland and Sweden are two examples of countries that recently have 
increased the maximum allowed truck weight. In 2013, the maximum truck weight in 
Finland was increased in one step from 60 tonnes to 76 tonnes (Blanquart et al 2016). 
Sweden have performed a similar change but in two steps from 60 tonnes to 64 tonnes 
in 2015, and later up to 74 tonnes in 2018. The latter results in a need to assess 
approximately one thousand bridges in Sweden, according to an analysis presented by 
Trafikverket (2016).  

To keep the existing bridges in service, despite the increased loads and number of load 
cycles, bridge assessment is often the first and the most cost effective method. If the 
assessment fails to confirm the required load capacity, an effective and well -designed 
strengthening method is often a very competitive alternative, both in economical and 
environmental terms, in comparison to a bridge replacement. The appropriate 
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strengthening methods vary between different types of bridges, but also from one bridge 
to another, since object specific conditions often need to be taken into account. 

This thesis is limited to composite bridges, which is the commonly used method to design 
steel-concrete bridge structures nowadays. However, as late as the 1980s, many Swedish 
steel-concrete bridges were still designed as non-composite structures. This implies that 
there are quite a lot of bridges designed this way, which should have many years left of 
their technical lifetime. A survey within the Nordic countries, based on data from the 
National Transport Administrations bridge managing systems in Sweden, Finland and 
Norway, indicates that there are at least 2 000 bridges of this type only in these three 
countries. 

One way of strengthening these bridges, is by creating composite action at the steel-
concrete interface. The new composite cross-section will carry the traffic loads more 
efficiently than the non-composite section (see Figure 4.1 and Chapter 2), implying that 
the maximum allowed bending moment due to traffic loads often can be increased. 
Examples of bridges strengthened this way are reported by Peiris & Harik (2014), Kwon 
et al. (2009) and Olsson (2017). 

 

Figure 4.1 Impact of post-installed shear connectors on the strains caused by the traffic loads 

The research presented in this thesis is focused on the shear connection, but i t should be 
highlighted that there are several other structural details that need to be checked, to assure 
that the load capacity can be increased when a bridge is strengthened in this way. A few 
examples of details that need to be assessed are the transverse- and the longitudinal-
reinforcement of the deck slab and the shear capacity of the steel girder web-plates. The 
assessment and strengthening of such details are out of scope for this thesis, but important 
issues that must be handled in the design of the bridge strengthening. 

4.2 Post-installed shear connectors 

Different types of shear connectors can be used to create composite action at the steel-
concrete interfaces. For new composite structures, welded headed studs (WHS) are 
undoubtedly the most common type of shear connector. The welded studs offer an 
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effective installation procedure, with the drawn arch stud welding, which can be 
performed in a controlled environment in a steel workshop, with good access to the steel 
top flanges.  

For an existing bridge, the benefits of using welded studs are fewer. The post-installation 
procedure requires access to the steel top flanges from above, which implies that any 
pavement, waterproofing and concrete above the steel flanges have to be removed. Such 
an operation would in most cases require the bridge to be closed or at least partly closed. 
If the bridge deck is in good condition, there are other types of shear connectors more 
suitable for post-installation than welded studs. The author has been particularly 
interested in connectors that can be installed from below the bridge, with no or minor 
impact on the traffic on the bridge. 

Paper VI presents a review of different kinds of post-installed shear connectors, while a 
short summary is given below. 

Even if the installation procedure for welded headed shear studs (Figure 4.2a) is a bit 
impractical in existing structures, they are still used and offer a well-known design and 
installation procedure covered by international design-, product- and installation-
standards such as EN 1994-2 (2005), AASHTO (2017), ISO 13918 (2008) and ISO 
14555 (2014).  

Comprehensive research on different types of post-installed shear connectors has been 
performed at the University of Texas at Austin, among which the latter studies has been 
focused on High-Tension Friction Grip Bolts, Adhesive Anchors and Double-Nut Bolts, 
see Figure 4.2b-d (Schaap 2004, Hungerford 2004, Kayir 2006, Kwon 2008, Kwon et 
al. 2009, 2010a, 2010b, 2011). Additional studies on friction grip bolts have been 
reported by Chen et al. (2014) and Liu et al. (2016), while Pavlovic et al. (2013) present 
as comparison between bolted shear connectors (Figure 4.2f) and headed studs. 

 
(a) Welded Headed Shear Stud 
(b) High-Tension Friction Grip Bolt 
(c) Adhesive Anchor 
(d) Double-Nut Bolt 
(e) Bolt without embedded nut 

(f) Single-Nut bolt 
(g) Threaded Shear Stud 
(h) Blind Bolt 
(i)  Interference Fit Pins (Slotted Spring 

Pins & Coiled Spring Pins) 

Figure 4.2 Examples of different types of post-installed shear connectors 

In recent years, research has also been performed on demountable studs and different 
type of blind bolts, see Figure 4.2g and Figure 4.2h, respectively (Wang et al. 2017, 
Moynihan & Allwood 2014, Pathirana et al. 2015, 2016a, 2016b). Interference fit 
connectors can also be used to create composite action, two such examples are Slotted 
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Spring Pins and Coiled Spring Pins, see Figure 4.2i, where the latter is of most interest 
(Pritchard 1992, Buckby et al. 1997). This type of connector, consisting of just one 
component, relies on the spring force created by the compressed pin itself.  

The research presented in this thesis is focused on Coiled Spring Pins (CSPs), primary 
due to two reasons: (1) This type of connector offers an installation procedure from 
below the bridge deck, relying only on the mechanical spring force. The latter implies 
that the connectors can be installed during traffic, since there is no need of welding, 
grouting, adhesives etc. (Pritchard 1992, Buckby et al. 1997, Olsson 2017). The 
minimum impact on the traffic is believed to be the main advantage of using CPSs. (2) 
Compared to other types of shear connectors suited for post installation from below the 
bridge deck, such as adhesive anchors, expansion bolts etc., only limited research has 
been performed and presented in the literature. A knowledge and information gap has 
been identified concerning the structural behaviour of a bridge strengthened with CSPs, 
but also concerning the static- and fatigue-strength of the shear connection.  

The remainder of this chapter is focused on CSPs and the research performed by the 
present author. 

4.3 Coiled Spring Pins 

The CSP, also known as a type of tension pin or roll pin, is a standard component used 
as a connector in different types of industries and available in diameters from parts of a 
millimetre up to 20 mm (ISO 8748 2007). The pins are manufactured from steel plates 
that are spirally wound 2.25 times around the central axis of the pin, see  Figure 4.3.  

   
Figure 4.3 (a) Photo of a CSP, (b) CSP 20x160 dimensions 

The interference fit is created by installing the oversized pin into an undersized hole. 
The pins are manufactured with chamfered ends, to make the installation easier.  At 
installation, the spring is compressed when it is jacked into the smaller hole to achieve 
the interference fit. After the installation, the pin will be connected to the surrounding 
parts by the radial spring force provided by the pin itself. 
 

4.3.1 Civil engineering application 
Although the CSPs are frequently used in other type of industries, they are not common 
as shear connectors in civil engineering structures, implying that their behaviour in steel-
concrete connections is not that well documented (Pritchard 1992, Buckby et al. 1997). 

(a) (b) 
[mm] 
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The type of CSP that is best suited as shear connectors in bridges is the “Heavy Duty” 
type, with the highest shear strength, covered by the international standard ISO 8748 
(2007). The largest standard dimension, Ø20 mm with a plate thickness of 2.2 mm (see 
Figure 4.3b), has been used in all bridge strengthening projects and research studies 
presented so far (Pritchard 1992, Buckby et al. 1997, Fahleson 2005, Hällmark et al. 
2016, Olsson 2017). It is also the most likely one to be used in future civil engineering 
applications, since it is the strongest CSP among the standardized types and dimensions. 
The results, analysis and recommendations within this thesis are also all limited to this 
specific dimension and type of CSP. 

As mentioned above, the largest advantage of CSPs is the installation procedure, which 
can be done from below the bridge deck while the traffic is running on the bridge. The 
typical installation procedure for CSPs in a bridge deck is illustrated in Figure 4.4. First, 
holes are drilled through the steel flange (Step 1). Followed by the drilling into the 
concrete (Step 2). Normally, the drill is changed between Step 1 and 2, from a cutting 
drill to a diamond core drill. After the drilling, the tolerances are measured to ensure that 
the desired interference fit is obtained (Step 3). If the tolerances are fulfilled, a CSP is 
jacked into the hole (Step 4). The installation procedure is ended by sealing the hole and 
restoring the corrosion protection (Step 5). 

 
Figure 4.4 General installation procedure for CSPs in steel-concrete bridges 

Experiences from CSPs used as shear connectors in steel-concrete bridges and the 
research conducted within this field, so far, are briefly summarised below and presented 
more in detail in Paper VI. 

Only a few bridge strengthening projects, using CSPs, have been identified by the author. 
The first bridge application that has been found in the literature is the upgrade of 
Docklands Light Railway (DLR) in London 1988 (Pritchard 1992), see Figure 4.5a. Due 
to heavier traffic, an existing shear connection was strengthened with CSPs to increase 
the fatigue lifetime of the connection. In 2008, the bridge was further strengthened due 
to even heavier traffic (Jackson et al. 2012). 

There is at least one more bridge in the UK that has been strengthened with CSPs, the 
Tinsley Viaduct. Unfortunately, the strengthening and the project specific tests have not 
been documented in any public available reports. This is also the case for a couple of 
bridge strengthening projects that never were realized, but for which pre-studies and tests 
were performed on post-installation of CSPs.  
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In 1995, the existing shear connections in two bridges on a light railway system in 
Vancouver (Canada) were strengthened by installing CSPs, see Figure 4.5b. During a 
period of six months, 2 500 CSPs were installed without traffic interruptions. (Buckby 
et al. 1997) 

One bridge project is also reported from Sweden, the Pitsund Bridge shown in Figure 
4.5c. In 2006, composite action was created in a part of the structure originally 
constructed as a non-composite steel-concrete structure in 1984. In this case, the primary 
reason for strengthening was not to increase the load capacity, but to counteract sudden 
slips at the steel-concrete interface resulting in loud bangs, up to 105 dB. After the 
installation of 1 200 CSPs, the loud bangs disappeared. Also in this case, the installation 
was performed while the bridge was still in service. Only short distances of the outer 
lanes were closed, one part at a time, during the installation work. (Olsson 2017)  

 
(a) Docklands Light Railway bridge in London (UK) 

 
(b) North approach spans (to the left) for the Skybridge in Vancouver (Canada) 

 
(c ) The Pitsund Bridge in Piteå (Sweden) 

Figure 4.5 Example of bridges strengthened with CSPs 
 

So far, the research reported in the literature has been focused on specific bridge 
strengthening projects (Pritchard 1992, Buckby et al. 1997, Fahleson 2005, Olsson 2017). 
In most cases the static strength of the CSP is reported, and in some cases also the fatigue 
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strength, but often related to one specific steel flange thickness and one specific concrete 
grade. 

One of the aims of the research presented in this thesis was to bring the knowledge about 
CSPs further, by contributing to a progress towards the development of more general 
design guidelines for the use of CSPs as shear connectors at steel-concrete interfaces. 
Such guidelines could eliminate the need of future project specific tests, thereby 
removing some of the barriers for this strengthening method. 

The first step in the progress towards more general design guidelines, was a compilation 
of the available information and research presented on CSPs, so far. The outcome is 
presented as a state-of-the art review in Paper VI. The literature survey was followed by 
two push-out test campaigns, studying the static- and the fatigue-strength of the shear 
connectors. Paper VIII presents a summary of the static tests, while Paper IX presents the 
fatigue tests. These tests, which focused on the local behaviour of the shear connection, 
were supplemented by field monitoring of a strengthened bridge, to obtain information 
about the behaviour on a structural level. Paper VII summarises the outcome of the 
bridge monitoring.  

The information gained from the research activities have been analysed, evaluated and 
processed into design recommendations, which are briefly summarised in the following 
sections and presented more in detail in Appendix B. 
 

4.3.2 Static strength and load-slip behaviour 

This section is complemented by Paper VIII, which presents the detailed results and 
analysis from the static tests. 

In 2016-2017, an experimental investigation of the static strength of CSPs was conducted 
in the MCE-Lab at LTU. The tests were primarily performed in order to investigate the 
influence of the concrete strength and the steel plate thickness on the strength and the 
ductility of a shear connection created by CSPs.  

The preferred method to establish the static capacity and the load-slip behaviour of a 
steel-concrete shear connection is push-out tests. It is also possible to perform tests on 
composite beams. However, the latter is more expensive to perform and harder to 
evaluate, since the forces acting on the shear connectors must be calculated from the 
measured strain distribution, which results in a need for extensive measurements and a 
knowledge of the stress-strain behaviour of the materials used in the tests. Therefore, the 
static tests and the fatigue tests presented in this thesis have all been performed as push-
out tests. 

The standard push-out test specimen recommended in EN 1994-1-1 (2005) is not 
suitable for testing of post-installed shear connectors. The limited space between the 
flanges in the steel section makes it difficult to perform the drilling through the steel 
flanges and into the concrete, see Figure 2.6. Hence, before the push-out test set-up was 
designed, a review of different kinds of test specimens and test set-ups was conducted.  
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Test set-up, specimens and test program 

There are several different types of alternative push-out test set-ups presented in the 
literature. Horizontal test set-ups are interesting alternatives, which have been used by 
Kwon (2010a), Ernst (2010) and Lam (2007), among others. The present author found 
the test set-up developed at the University of Texas at Austin, presented by Kwon 
(2010a), best suited for testing post-installed shear connectors. This test set-up provides 
good access to the steel flange, enabling an easy installation, and has successfully been 
used by Schaap (2004), Hungerford (2004), Kayir (2006) and Kwon (2010a). For CSP 
testing, different kinds of inverted test set-ups have been used so far (Pritchard 1992, 
Buckby et al. 1997, Fahleson 2005). The test specimens are inverted by the means that 
the steel and the concrete parts have changed positions, implying that there is one single 
concrete block in the middle surrounded by two steel plates. Such a design simplifies the 
post-installation of shear connectors. 

Some type of clamping has been used in all inverted test specimens. This is necessary to 
avoid too conservative results due to separation at the steel-concrete interface during the 
tests. This separation is mainly driven by the geometry of the test set-up, and does not 
correspond to the behaviour in a real structure with a continuous shear connection. Since 
the CSPs have no heads, the test results become even more sensitive to separation. The 
differences between the assumed behaviour of CSPs and headed studs, in terms of force 
components, are schematically illustrated in Figure 4.6. 

 
Figure 4.6 (a) Load transfer model for headed studs, (b) suggested load transfer model for CSPs 

The force components involved in the shear behaviour of welded studs, embedded in 
solid concrete slabs, are often described by the illustration in Figure 4.6a, originally 
presented by Lungershausen (1988). Initially, the external shear force (P) is 
predominantly acting on the lowest part of the shear connector by a compression strut 
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(A), which is inclined with an angle �. When the load increases, concrete crushing will 
occur near the weld collar, which implies that the additional shear force (B) is shifted 
higher up in the stud shank. The shift of the force results in increased shear deformations 
and bending of the stud. Since the ends are restrained from vertical movements by the 
head and the weld collar, a tension force (C) will be developed in the stud shank. The 
tension force is balanced by a compression force in the concrete, which gives an 
additional contribution to the frictional capacity at the steel-concrete interface, through 
the force component D. The final failure is expected directly above the weld collar as a 
result of the combination of shear and tensile stresses (Roik et al. 1989, Nellinger et al. 
2017). 

If the failure of the CSPs is considered instead, it seems reasonable to assume that the 
force components A and B will contribute in a similar way as for the shear studs. 
However, since the CSPs have no heads, there will be no restraint from vertical 
movement in the top of the connectors, except the assumed minor contribution from 
the vertical frictional forces acting on the pin. This should imply that the force 
components C and D only give negligible contributions to the total shear capacity of a 
CSP. A schematic illustration of the suggested load transfer model is shown in Figure 
4.6b. 

The previously reported tests conducted on CSPs have all been undertaken on non-
standardized test specimens with externally applied clamping forces. However, the test 
results have not been verified by similar tests on welded headed studs with known shear 
resistance and load-slip behaviour. To verify the previous test results on CSPs and to 
ensure that the results can be considered comparable to those obtained from standard 
push-out tests, the author chose to use an almost identical design of the specimens as 
Buckby et al. (1997) and Fahleson (2005), with some modification of the clamping. In 
the new tests performed by the author, clamping rods were used in the upper part of the 
specimen, while welded steel strips were used in the previous tests. The clamping was 
measured continuously during the tests, by tension load cell s in the clamping rods, to be 
able to evaluate the effect of the clamping force. The type of test specimen and the test 
set-up, used by the author, is illustrated in Figure 4.7.  

This set-up was used to investigate the behaviour of three different combinations of shear 
connectors: (a) four welded headed shear studs; (b) four Coiled Spring Pins; and (c) two 
welded headed shear studs (WHS) in the upper positions combined with two Coiled 
Spring Pins in the lower positions. The latter was tested in order to study the behaviour 
of an existing shear connection strengthened with CSPs, which can be of interest if a 
bridge with an existing shear connection is strengthened. The total test program consisted 
of 28 test specimens divided into six test series. The first two test series were reference 
tests performed to obtain comparable results for welded headed studs (Type RW) and 
CSPs (Type RC). In the four following test series, three different parameters were varied: 
the concrete strength; steel plate thickness; and the shear connector configuration. Table 
4.1 summarises the test program and the varied parameters.  
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Table 4.1 Static test program 

Type No. Shear  Concrete Steel plates 
  connectors strength class t [mm] Grade 
RW 5 4 CSP C30/37 30 S355K2+N 
RC 5 4 WHS C30/37 30 S355K2+N 
A 5 4 CSP C20/25 30 S355K2+N 
B 5 4 CSP C40/50 30 S355K2+N 
D 5 4 CSP C30/37 45 S355ML 
E 3 2 CSP + 2 WHS C30/37 30 S355K2+N 

 
 

 

 

    
(a) Test specimen (b) Test set-up 

Figure 4.7 Type of test specimen and test set-up used in the static tests 

The tests were performed in line with the recommendations in EN 1994-1-1 (2005), 
with a minor change of the lower load in the cyclic pre-loading, from 5% to 10% of the 
expected failure load, due to a limitation of the hydraulic actuator that was used. Prior 
to the testing, some material parameters were tested for the steel plates, the concrete, the 
headed studs and the CSPs. A detailed description of the test procedure along with the 
results from the material testing are presented in Paper VIII. 
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Test results 

The test results regarding the load-slip behaviour are summarized in Table 4.2 together 
with the test results from the concrete testing. The presented parameters are the 
maximum load (Pu), the characteristic resistance of the shear connectors (PRk), the slip at 
the maximum load (�Pu) and the slip capacity (�u) measured at the characteristic load 
level. The characteristic resistances have been evaluated both according to the simplified 
method given in Annex B in EN 1994-1-1 (2005) and according to the more general 
statistical method in Annex D in EN 1990 (2002), PRk,EC4 and PRk,EC0, respectively. 

Table 4.2 Load-slip test results 

Series/   fcm,cube Pu Pu,m Pu / Pu,m PRk,EC4 PRk,EC0 �Pu �u �uk 
specimens   [MPa] [kN] [kN] [-] [kN/SC]  [mm] [mm] [mm] 

T
yp

e 
R

C
 RC1 

C
30

/3
7 

 598 

611 

0.98 

132 138 

13.7 17.4 

14.3 
RC2 47.0 625 1.02 12.0 20.8 
RC3 Min: 44.7 586 0.96 21.3 >22.0 
RC4 Max: 48.8 633 1.04 13.5 15.9 
RCX   530 - - - - 11.6 - - 

T
yp

e 
R

W
 RW1 

C
30

/3
7 

 811 

805 

1.01 

165 163 

14.8 >22.0 

12.1 
RW2 52.9 800 0.99 16.3 >22.0 
RW3 Min: 51.4 733 0.91 12.8 13.4 
RW4 Max: 55.8 876 1.09 >22.0 >22.0 
RWX   659 - - - - 17.0   - 

T
yp

e 
A

 

A1 

C
20

/2
5 

 619 

597 

1.04 

128 138 

21.1 > 22.0 

17.9 
A2 30.3 586 0.98 20.7 > 21.0 
A3 Min: 27.8 606 1.01 18.8 > 22.0 
A4 Max: 32.7 571 0.96 21.3 > 22.0 
A5   605 1.01 17.9 19.9 

T
yp

e 
B

 

B1 

C
40

/5
0 

 654 

640 

1.02 

141 154 

19.0 > 22.0 

16.0 
B2 47.0 636 0.99 15.5 17.8 
B3 Min: 44.0 625 0.98 18.8 20.3 
B4 Max: 48.4 643 1.00 18.8 18.9 
B5   642 1.00 18.8 22.0 

T
yp

e 
D

 

D1 

C
30

/3
7 

50.2 659 

643 

1.03 

137 146 

14.2 14.6 

9.2 
D2 Min: 48.8 607 0.94 8.7 10.4 
D3 Max: 51.8 626 0.97 11.6 16.2 
D4  656 1.02 9.1 10.2 
D5   666 1.04 11.2 15.4 

T
yp

e 
E

 

E1 

C
30

/3
7 46.3 682 

689 
0.99 

153 165 
11.9 13.1 

8.7 E2 Min: 45.2 686 1.00 8.9 9.7 
E3 Max: 46.8 698 1.01 10.0 11.4 

 

The load-slip diagrams for the test series RC and RW are presented in Figure 4.8, 
illustrating the typical load-slip behaviour for the tested CSPs and WHSs. All specimens 
show a ductile behaviour and exceed by far the ductility criterion of a characteristic slip 
(�uk) of at least 6 mm, in accordance with EN 1994-1-1 (2005). Some of the curves end 
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abruptly in a vertical line. This does not correspond to the real behaviour but can be 
explained by the fact that the measuring LVDTs (Linear Variable Differential 
Transformer), with a maximum stroke of 25 mm, run out of stroke at these levels. If the 
stroke of the hydraulic jack was plotted instead, this phenomenon would not be 
observed. It can also be noted that the specimens with CSPs have an S-shape in the 
beginning of the load-slip curves, while the specimens with WHSs have a more linear 
behaviour in this part of the curve. 

  
(a)Type RC (b)Type RW 

Figure 4.8 Load-slip diagrams for the Type RC and RW test series 

Different failure mechanisms were observed for the different types of specimens. The 
Type RW specimens with WHSs failed by shear failures near or through the weld collar 
of the studs, see Figure 4.9a. The failures were preceded by large deformations due to 
concrete crushing near the bottom part of the studs and yielding in the steel stud shank. 
Vertical and diagonal cracking of the concrete were also observed, see Figure 4.9b. 

  
(a) Steel part (b) Concrete part 

Figure 4.9 WHS test specimens after finalised test 

The failures of the CSP specimens were very ductile. In many cases, slips exceeding 20 
mm were registered without shear failures of the shear connectors. The large slips are 
caused by concrete crushing and yielding of the connectors  as well as the hole-edges in 
the bearing steel plate. Two distinct plastic hinges were developed in the CSPs, one at 
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the interface between the steel and the concrete and the other a few centimetres into the 
concrete, see Figure 4.10a and d. In comparison to the studs, the largest difference of the 
failure mode is that the CSP in most cases remains in one piece even at very large slips. 
It should also be noted that the typical failure of the CSPs involves yielding at the edge 
of the bearing steel plate, which is shown in Figure 4.10b. In some cases, as for specimens 
of Type D, a shear failure occurred in the CSPs, see Figure 4.10e. A reverse movement 
of the end of the failed CSP followed such a failure. This implies that the ends of the 
failed pins were sticking out, as shown in Figure 4.10c, indicating a failure. 

 
(a) Concrete crushing 

 
(b) Steel yielding 

 
(c) Post-failure movement 

 
(d) CSPs after finalized testing 

 
(e) CSP shear failure 

Figure 4.10 CSP test specimens after finalised tests 
 

Analysis 
As a part of the evaluation, the test results for the CSPs have been compared against the 
design rules for headed studs, presented in equation (2.1) and (2.2), by plotting the 
relationship between the shear resistance (PR) and the concrete compressive strength (fc), 
see Figure 4.11. The dependency of the stud diameter in equation (2.1) has been 
rewritten as a dependency of the connector shear area, Asc, to enable a comparison to the 
CSPs. The partial factors have also been excluded and mean measured values of the 
variables are used within the equations. 

From Figure 4.11, it can be noted that all test results are on the safe side compared to the 
lowest design capacity given by equations (2.1) and (2.2). Also the characteristic values, 
presented in Table 4.2, are all clearly on the safe side if the EC0 model is used, while the 
EC4 model gives characteristic values that are almost equal to the design criteria for the 
Type RC and D specimens and on the safe side for the others. As shown in Figure 4.11, 
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there seems to be a dependency between the measured shear resistance and the concrete 
compressive strength, but not as strong as in equation (2.2). 

 
Figure 4.11 Test results compared to the shear resistance criteria in EN 1994-2 (2005) 

A study of the impact of different steel flange thicknesses has been done by a comparison 
between the specimens of Type RC, B and D, which have comparable concrete 
compressive strength and steel flange thicknesses of 30 mm and 45 mm, respectively. The 
test results indicate no significant difference in the failure load between the two tested 
steel flange thicknesses. However, there is a difference in the ductility of the shear 
connection and in the stiffness. The specimens with thinner steel plates show a more 
ductile behaviour with longer yielding plateaus on the load-slip curves. The specimens 
with the thicker steel plates have a more distinct and earlier failure , in terms of slip. The 
characteristic slip capacity (�uk) is 55% and 75% bigger (Type RC and B) for the 30 mm 
plates in comparison to the 45 mm plates.  

In the development of a design criterion for the static strength of CSPs, the author’s test 
results have been complemented by test results from tests performed by other researchers. 
Figure 4.11 presents a graphical summary of the available test results. The tested shear 
resistance (PRk) is presented in terms of kN/CSP and is plotted in relation to the cylinder 
compressive strength of the concrete (fc).  

For the tests performed by the author, there is only a weak correlation between an 
increased concrete compressive strength and an increased shear capacity of the shear 
connection. The test results reported by others are few, but indicate a stronger correlation 
between the concrete compressive strength and the shear capacity of the connection. 
This observation is also valid even if the Tinsley test results, which deviates a lot from 
the others, are excluded. The main reason for the large variations in test results between 
different test series are believed to be the different types of test set-ups that have been 
used and the different degree of clamping of the specimens. Tests on standardized 
specimens would be preferable. 
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Figure 4.12 Compilation of the available static push-out test results on CSPs 

Based on three static push-out tests, Bucky et al. (1997) recommended that a nominal 
strength of 130 kN can be used for CSPs installed in C30/37 concrete and for steel plate 
thicknesses between 25-35 mm. It turns out that the characteristic static capacity of 130 
kN/CSP suggested by Buckby et al. (1997) fits quite well to the new test results and are 
also on the safe side compared to the other test results available , if the tests with steel 
plate thicknesses smaller than 17 mm are excluded, see Figure 4.12. The test specimens 
with steel plate thicknesses below 10 mm have a completely different failure mode, with 
a bearing failure in the steel plate. These thin dimensions are generally not relevant for 
the top flanges in steel girder bridges. 

The evaluation of the test set-up in (Hällmark et al. 2018c) indicate that it is necessary 
to apply a clamping force on this type of push-out test specimen, in order to avoid 
separations driven by the geometry of the specimen. The clamping used in the test series 
will not give any positive constraint effects in the ultimate state, since visual gaps are 
developed at the steel-concrete interfaces. The magnitude of the clamping forces are also 
small in comparison to the corresponding forces recommended by Hicks & Smith (2014) 
for push-out tests. However, the evaluation of the previously used test set-ups indicate 
that higher degrees of constraint might give non-conservative test results. 

Even though the evaluation of the test set-up indicates that the test results should be 
comparable to those from standard specimens, future push-out tests are considered to be 
performed on standard specimens. In such a case, the steel section could be cut into two 
halves prior to the installation of the CSPs and then welded back into one unit after the 
installation of the shear connectors. 

Recommended design criterion 

The analysis presented briefly above, and more detailed in (Hällmark et al. 2018c), 
indicates that the static strength of a shear connection created with CSPs can be estimated 
as 130 kN/CSP, if the minimum steel plate thickness is limited to 20 mm and if the 
compressive cylinder strength of the concrete is within the interval of 24-45 MPa. 
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4.3.3 Fatigue strength 

This section is complemented by Paper IX, which presents the detailed results and 
analysis from the fatigue tests. 

In 2017-2018, a fatigue test campaign on CSPs was conducted in the MCE-Lab at LTU. 
The tests were performed in order to investigate the fatigue strength of CSPs used as 
shear connectors in steel-concrete bridges. 

Roik & Hanswille (1990) highlight some important factors that are affecting the fatigue 
lifetime of headed studs. From the author’s perspective, it is likely that the majority of 
these factors are the same for CSPs. The most important factor is the fatigue stress range, 
which is defined as the difference between the maximum and the minimum shear stresses 
within the fatigue load cycle. The magnitude of the peak load, within the fatigue load 
cycle, is another parameter that will affect the fatigue lifetime. A high peak load will 
result in an earlier, and more widely spread, concrete crushing near the root of the shear 
connectors. This will result in additional bending stresses in the shear connectors, which 
reduce the fatigue lifetime. The same effects will be obtained if the concrete strength is 
lowered, resulting in concrete crushing at lower load levels.  

Test set-up, specimens and test program 

The test specimens were almost identical to those used in the static tests presented in the 
previous section. The major difference is that the tension load cells in the clamping rods 
have been removed to avoid fatigue of the load cells. This implies that the clamping 
forces have not been measured in the fatigue tests. Instead the nuts were tightened with 
a similar torque as in the static tests, where the initial clamping force was about 1 kN/rod.  

Figure 4.13 presents the two types of test specimens used in the fatigue tests. In six out 
of nine tests, the four CSPs were located at two different heights within the specimen, 
like in the previously performed static tests, see Type F1 in Figure 4.13a. The three 
remaining tests were performed on specimens with the four shear connectors all 
positioned at the same height, see Type F2 in Figure 4.13b. 

The fatigue tests were performed with a hydraulic jack applying a unidirectional force-
controlled load, varying between the predetermined load levels. After an initial period 
with a lower frequency, to ensure that the specimens were stable, the frequency was 
increased to the desired level of 4 Hz. The testing procedure started with an initial loading 
(Pini) up to 0-22.5 kN/CSP above the maximum load in the fatigue load cycle (Pmax,f). 
This overload was used in order to break the bonds between the steel and the concrete 
and to simulate the impact of loads higher than the fatigue loads. After the initial loading, 
the fatigue load cycles were started with the load range �Pf. The minimum load (Pmin,f) 
was kept constant at 5 kN/CSP in all tests, while different Pmax,f where tested within the 
interval of 35-55 kN/CSP. This gives an R-ratio (Pmin,f/Pmax,f) between 0.09-0.14. 

Prior to the fatigue tests, some of the important material parameters were tested . A 
detailed description of the test procedure along with the results from the material tests 
are presented in (Hällmark et al. 2018d). 
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Figure 4.13 Fatigue test specimens, (a) Type F1 and (b) Type F2 

Test results 

The fatigue tests were run until a fatigue failure was observed, at Nf load cycles, in at 
least one of the connectors. Table 4.3 summarizes the fatigue test results and presents the 
detailed information about the applied load cycles. 

Table 4.3 Fatigue and concrete test results 

Specimen Concrete fcm,cube  Ecm  Pini  Pmax,f  Pmin,f  �Pf  R Pmax,f/Pu  Nf  
  [MPa] [GPa] [kN] [kN] [kN] [kN] [-] [-] [106] 

T
yp

e 
F1

 

F1:1 

C30/37 

 

33.0 

50 50 5 45 0.10 0.38 0.086 
F1:2 48.5 62.5 55 5 50 0.09 0.42 0.066 
F1:3 Max: 49.6 62.5 40 5 35 0.13 0.31 0.367 
F1:4 Min: 46.3 62.5 40 5 35 0.13 0.31 0.267 
F1:5  50 40 5 35 0.13 0.31 0.306 
F1:6  50 40 5 35 0.13 0.31 0.447 

T
yp

e 
F2

 

F2:1 
C30/37 

59.4 
35.1 

45 35 5 30 0.14 0.27 2.813 
F2:2 Max: 61.1 50 40 5 35 0.13 0.31 0.438 
F2:3 Min: 57.6 45 35 5 30 0.14 0.27 0.760 

 

After the tests were finalized, the concrete parts and the steel plates were separated, to 
enable a visual inspection of the failure. The failed CSPs had in many cases separated into 
small pieces, which made it hard to identify the initiation points of the fatigue cracks and 
the propagation directions. The typical fatigue failure of the CSPs, shown in Figure 4.14, 
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seems to occur at a section a few millimetres into the steel plate. The corrosion, visible 
in some of the pictures, has not affected the test results, since it arose during the storage 
of the already tested specimens. It should also be noted that some damages might have 
been caused by the removal of the external steel plates after the tests were completed, or 
by the last load cycles before the displacement limits  were reached and the tests 
automatically stopped. In line with the observations made on the static push-out tests, 
the end of the failed CSPs started to move out from the steel plates after failure had 
occurred. The movements had magnitudes of a few millimetres and could easily be 
observed. 

 
Figure 4.14 Pictures of failed CSPs, and the surrounding concrete and steel, after the fatigue tests 
 

Analysis 
The new fatigue test results have been analysed first separately and then together with 
previous test results. The evaluation is based on the assumption that there is a linear 
relationship between log S and the log P, as for the fatigue strength curves in EN 1993-
1-9 (2005), 

OPQ4R �'OPQ S $T > OPQ1�R  (4.1) 

where m is the slope and log a is the intercept of the log N-axis. In contradiction to the 
design of shear studs, the author have chosen to present the fatigue strength in terms of 
shear forces (P) instead of shear stresses (	), i.e. in a P-N curve instead of an S-N curve 
(see Figure 4.15). This implies that the presented analysis is valid only for the tested type 
of CSPs, i.e. a Heavy-duty CSP with a nominal diameter of 20 mm and manufactured 
in line with ISO 8748 (2007). 
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Figure 4.15 Fatigue strength test results and their associated regression lines and characteristic curves 

A linear regression analysis, based on the least square method, for the new test results 
gives the following formula for the regression line, 

OPQ4 �'%U
�V W
�X OPQ1�. (4.2) 

The coeffcient of determination, R2, indicate that there is a good agreeement between 
the linear regression line an the test results, since 85% of the variance of log N can be 
explained by log P.  

From the test results and the linear regression line, a characteristic fatigue curve has also 
been established. The curve is representing 95% probability of survival, like the fatigue 
curves in EN 1993-1-9 (2005), and has been developed in line with a method presented 
by Schneider & Maddox (2003), 

OPQ4 �'%/
 V W
�X'Y)Z1�. (4.3) 

The new test results have also been compared to previous test results presented by 
Pritchard (1992), Buckby et al. (1997), Fahleson (2005) and Hällmark et al. (2018a). The 
test results are illustrated by the points in Figure 4.15. If a linear regression line is created 
based on all available test results, the agreement is not so good with R2 equal to 59%. 
However, if the two other large test series by Bucky et al. (1997) and the Tinsley project 
are analysed separately, they both indicate a good agreement with R2 equal to 84% and 
89%, respectively. There are several factors that might explain why the linear regression 
lines give a better agreement on single test series, rather than all test series analysed as one 
sample. Example of such factors are the different types of test specimens, varying material 
parameters and dimensions, differences in the definition of the fatigue failure and 
deviating testing procedures.  

The specimens used, so far, in the fatigue tests on CSPs, have had different layouts and 
different degrees of clamping and clamping methods. In line with one of the conclusions 
from the static tests, it would be beneficial if one standardized type of specimen could be 
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used in the future, to remove the uncertainties about the different degrees of clamping 
and the varying eccentricities between the load position and the support points.  

The different definitions of the fatigue failure, between the different test series, make it 
difficult to use all available test results in the development of a fatigue design criterion. 
Some researchers have defined the fatigue failure as when the first CSP failed, while 
others have defined the failure as a limitation of the accumulated slip.  

If the CSPs are installed in a structure in order to create composite action, not to 
strengthen an already existing shear connection, the author suggests that the failure is 
defined as when the first CSP fails or when the accumulated mean slip reaches 5 mm.  

The recent tests by the present author deviate most from the other test series, and this 
deviation cannot be explained by a different fatigue definition or different material 
parameters. The type of specimen is also similar, in some cases almost identical,  to those 
used by Pritchard (1992), Buckby et al. (1997) and Fahleson (2005). Instead, the initial 
overload prior to the start of the fatigue tests could be the reason for the difference in the 
fatigue test results. Future FE-modelling and research might be able to give an estimation 
of the impact of the initial overload and show whether the fatigue strength of the CSPs 
are more dependent on overloads than headed studs are. 

Recommended design criterion 
Based on the test results, a recommended characteristic fatigue strength curve is presented 
in equation (4.3) and rewritten in (4.4), using the equation format adopted in EN 1993-
1-9 (2005), 

12�[
	�4� � \/
/[
	�� �%�[      (from  12�34� � 12�34�) (4.4) 

where �	R is the fatigue shear strength (in MPa) of the Ø20 mm CSP, using the nominal 
area of 237 mm2, �	c is the reference value at Nc = 2�106 cycles (i.e. the detail category), 
m is the slope of the fatigue strength curve and NR is the number of stress cycles. 

This is a conservative design recommendation compared to the previous 
recommendation by Buckby et al. (1997). Future research might provide additional 
information about the CSP fatigue strength, which makes it possible to develop the 
fatigue design criterion further. 
 

4.3.4 Structural behaviour and modelling 
This section is complemented by Paper VII, which presents the detailed results and 
analysis from the monitoring of a bridge strengthened with post-installed CSPs. 

The definition of a shear connection in EN 1994-2 (2005) section 1.5.2.2, is: 

“An interconnection between the concrete and steel components of a composite member that has 
sufficient strength and stiffness to enable the two components to be designed as parts of a single 
structural member.” 

The performed push-out tests on CSPs indicate a very ductile behaviour and the ductility 
criterion in EN 1994-2 (2005) 6.6.1.1 (3)-(5) is by far fulfilled. However, the tests also 
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showed that there is a significant difference in the load-slip behaviour between the 
studied CSPs and the studied WHSs, as shown in Figure 4.16. The latter is about four 
times stiffer than the tested CSPs. One question that was raised was whether the CSPs 
have “sufficient stiffness” related to the definition of a shear connection, presented above. 
This has been investigated by field monitoring of a bridge strengthened with CPSs, and 
associated FE-models, presented in this section and more detailed in (Hällmark 2018b). 

 
Figure 4.16 Load-slip diagrams for the studied CSPs and headed studs 
 

The Pitsund Bridge 
As far as the author knows, there are only a few bridges in the world that have been 
strengthened by post-installation of CSPs. One of these bridges is the Pitsund Bridge, 
located in the northern part of Sweden. This bridge offered a unique possibility to 
monitor bridge spans strengthened with CPSs and spans without shear connectors.  

The Pitsund Bridge is a seven span bridge with a total length of almost 400 m. The 
superstructure is divided into three separate parts, see Figure 4.17. The first four and last 
two spans consist of continuous steel girders with a concrete deck slab on top, whereas 
the fifth span is movable. The latter is an independent structure and outside the scope of 
the field monitoring.  

 
Figure 4.17 Elevation drawing of the Pitsund Bridge 

The bridge was designed and built in the early 1980s, a time when composite steel-
concrete bridges were rare structures in Sweden, and had in its original design spans both 
with and without composite action. In Figure 4.17, the different types of shear 
connections are illustrated by the coloured boxes. In the red part, there are no shear 
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connectors. In the blue part, the bridge was designed as a composite structure with 
welded headed studs. The black part was originally designed with no composite action, 
but has been strengthened in year 2006 by post-installation of CSPs. The two parts of 
the bridge that were of most interest for the author, was the black and the red parts, since 
they offered the possibility to compare measurements on a strengthened cross-section 
with measurements on a similar non-strengthened cross-section. Therefore, it was 
decided to monitor both Span 1 and 7. The monitored sections are illustrated as red lines 
in Figure 4.17, while the cross-sectional geometry of the monitored sections is illustrated 
in Figure 4.18. 

 
Figure 4.18 Cross-sectional geometry of the measured sections 
 

Monitoring 
The monitoring performed in 2016 was focused on four topics: (a) the vertical 
distribution of the longitudinal strains in the steel main girders, (b) the horizontal slip at 
the steel-concrete interface, (c) the vertical separation (uplift) at the steel-concrete 
interface, and (d) the vertical displacements of the main girders (deflection). 

The typical instrumentation consisted of three strain gauges, measuring the longitudinal 
strains at different heights in the steel web plate, and two LVDTs measuring the relative 
vertical displacement (uplift) and the horizontal displacement (slip) at the steel-concrete 
interface, see Figure 4.19. The deflections were however only measured in the middle 
of span 1, i.e. in section 3 in Figure 4.17. 

 
Figure 4.19 Schematic illustration of the instrumentation 

[mm] 
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During the monitoring, a test vehicle was positioned in predetermined positions on the 
bridge, in the mid of span 1 and 7, while the bridge was temporary closed for other 
vehicles. The dimensions and axle loads of the test vehicle are presented in Figure 4.20, 
together with the different load cases (LC), i.e. the different positions of the test vehicle 
in the transversal direction. It can be noted that the difference between LC1 and LC2 is 
the driving direction of the vehicle.  

 
Figure 4.20 Test vehicle loads and load positions in the transverse direction 
 

The FE-models 
Prior to the field monitoring, a FE-model of the bridge was created in order to study the 
correspondence between different design models and the measured behaviour. Focus was 
set on the modelling of the shear connection and its stiffness. The shear connection was 
modelled by rigid connection elements, connecting the concrete deck slab and the upper 
flanges of the steel girders. In the lower end of the connection elements, linear springs 
were used to model the horizontal stiffness, see Figure 4.21. Three different stiffnesses 
(k) were investigated in the study: FEM 1 simulated a rigid shear connection (k x,y = �), 
FEM 2 simulated no composite action (kx,y = 0), while the linear springs in FEM 3 were 
given stiffnesses corresponding to the results from the static push-out tests performed on 
CSPs (kx,y =72.5 MN/m per CSP). 

 
Figure 4.21 Schematic illustration of the connection elements and the FE cross-section 

The material models were all linear-elastic, since the studied load levels generate stresses 
far below the yielding point of the steel and the concrete compression strength. 
Regarding the concrete parts in tension, cracking was assumed over the internal supports. 



Composite bridges 

66  

However, since this is an existing structure with an unknown load history, there is no 
point in trying to capture the cracking of the concrete related to the test vehicle. 
Therefore, the model is based on the simplified design approach according to 5.4.2.3 (3) 
in EN 1994-2 (2005), which is a likely design model in a real situation.  
 

Test results and analysis 
For the strengthened cross-sections in regions with positive bending moments (Section 
3 and 4), the steel strain measurements indicate a neutral bending axis  located close, or 
even above, the theoretical position assuming full composite action. This is illustrated by 
the test results for LC1 shown in Figure 4.22a, where the measured steel strains have 
been transformed to stresses by Hooke´s law assuming a linear elastic material. 

  
Figure 4.22 Measured steel stresses for LC1, in section 3-5 of span 1. 

The steel strain measurements indicate composite action also in strengthened regions that 
experience negative bending moments, see Figure 4.22b. The position of the neutral 
bending axis is far above the neutral axis representing interaction with only the 
longitudinal reinforcement bars. This indicates significant stiffness contributions from the 
concrete deck itself. This could be explained either by tension stiffening between the 
cracks or the fact that the concrete section might be non-cracked. However, these effects 
are believed to be unrelated to the type of shear connectors. The impact of an increased 
stiffness contribution from the concrete in tension has been studied in a modified FE-
model, in which the concrete elastic modulus and the longitudinal distribution of the 
cracked concrete at an internal support has been varied. These modifications are not 
related to the CSPs or the post-installation, but are derived from uncertainties of material 
parameters and the global behaviour. Therefore, the modified FE-model is not within 
the focus of the research presented in this thesis. However, the modified FE-model shows 
that it is possible to get a good agreement between a FE-model and the test results in all 
sections. 

Regarding the stiffness of the shear connection, a comparison between the measured steel 
stresses and the FE-stresses is shown in Figure 4.23, for Span 1 and LC1. It can be 
observed that the FE-model with a rigid shear connection (FEM 1) gives a good 
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prediction of the steel stresses in the areas where the concrete deck slab is in compression, 
while all models fails to predict the steel stresses when the concrete is in tension near an 
internal support (Section 5). This is an expected result since the measurements show that 
the concrete parts in tension contributes to the flexural stiffness, while the FE-models 
only consider the contribution from the longitudinal reinforcement area, in line with the 
simplified design approach according to 5.4.2.3 (3) in EN 1994-2 (2005). 

 

Figure 4.23 Measured steel stresses vs. FE-stresses for LC1 

A comparison based on the measured deflections, instead of steel strains, also indicates 
that a rigid connection seems to be the best estimate of the shear connection stiffness at 
the tested load levels. 

Regarding the slip measurements, very small slips were measured in the strengthened 
sections in comparison to the non-strengthened sections. The slips varied within an 
interval of 0.00-0.04 mm in the sections with CSPs, while slips up to 0.26 mm were 
registered in the non-strengthened sections. This comparison indicates that the CSPs are 
reducing the slip significantly. However, the small slips in Span 1 can hardly be explained 
by the stiffness of the shear connectors alone, but are believed to be a consequence of 
large contributions from frictional forces or other interlocking phenomena at the steel-
concrete interface. These contributions can also be observed in the test results from the 
non-strengthened cross-sections in Span 7. In these sections, the neutral bending axis is 
located lower than in a corresponding composite section, as expected, but the 
measurements indicate still a rather high degree of composite action. The measured 
vertical position of the neutral bending axis, in relation to the steel-concrete interface, is 
varying between 460-500 mm. This can be compared to the theoretical positions for a 
full composite section and a non-composite section, which is 320 mm and 1140 mm, 
respectively. 

Regarding the relative vertical movement at the steel-concrete interface, the 
measurements in the strengthened span show no clear indications of uplift of the concrete 
deck, with registered separations less than 0.03 mm. This is an expected result, since the 
forces acting on the shear connectors are rather low. Partly since the tested load levels 
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are a lot smaller than the ultimate load, for obvious reasons, and partly since the frictional 
forces seem to contribute a lot at the tested load levels. It can also be noted that the 
measured vertical separations in the non-strengthened sections are comparable to those 
in the strengthened sections, with one exception. At the end-support of the non-
strengthened Span 7, an uplift has been registered that are about ten times bigger than 
the maximum uplifts in the other sections.  

The results from the monitoring gives an indication that the installation of CSPs will not 
cause a concrete uplift at the studied load levels. However, according to EN 1994-2 
(2005) all types of shear connectors must be able to prevent separation of the concrete 
deck from the steel girders. The uplift forces are generally not considered in the design 
of the shear connection in new structures, since the WHSs may be assumed to provide 
sufficient resistance to uplift, in line with EN 1994-2 (2005). This is not the case for the 
CSPs, where only frictional forces at the surface of the pins will counteract the uplift, 
together with the gravity forces from dead weight and traffic. The potential problem 
with the uplift is one issue that will be investigated further, which might affect the final 
design of a shear connection with CSPs. 
 

Design recommendations 

The following design recommendations are based on the evaluation of the test results 
presented above, but also based on input from the research presented in the previous 
sections within this chapter. It should, however, be noted that there are additional 
research questions that have been identified by the author, which need to be investigated 
further before utilizing the full potential capacity of the CSPs. 

At the tested load levels, the shear connection created by post-installed CSPs show a 
sufficient stiffness to be modelled as a rigid connection. Therefore, the author 
recommends a design model based on an assumption of a rigid shear connection.  

There are, however, some cases when it might be necessary to model the stiffness of the 
shear connection more accurate, or at least to consider the stiffness. For instance, if there 
are any SLS design criteria that are crucial in the design, such as a strict deflection criterion 
with almost 100% utilization ratio, it might be necessary to create a structural model that 
takes into account the stiffness of the shear connectors.  

The potential problem with an uplift of the concrete deck slab, should be dependent on 
the slip and the inclination of the shear connector and the concrete compressive strut, 
see Figure 4.6b. If the slip is kept at moderate levels, the uplift forces would also be kept 
low. Thus, before the potential uplift has been investigated further, the recommendation 
is to utilize only the elastic capacity of a composite beam with post-installed CSPs and to 
design the shear connection for full composite action. This restriction is on a general 
level and aims to increase the safety margin of the strengthened structure, until the 
potential uplift has been investigated further. 

More detailed design recommendations are presented in the design guidance, written by 
the present author, provided in Appendix B.  
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4.3.5 Installation of CSPs 

The focus of the research presented in this chapter has been on the design of CSP shear 
connections rather than the post-installation procedure. However, since there is limited 
information available about the installation procedure, the author has summarised the 
knowledge obtained from installing CSPs in steel-concrete structures, in Appendix B. 
This section gives a brief summary of the different stages in the installation procedure.  

As previously presented, the installation procedure includes generally five steps: (1) 
drilling through the steel top flanges, (2) drilling into the concrete, (3) tolerances 
measurements, (4) jacking of the CSP into the hole, and (5) sealing of the hole and 
restoring the corrosion protection. These steps are illustrated in Figure 4.4 and will be 
presented more in detail below, together with a summary of some of the important 
decisions that must be made prior to the installation. Such examples are how to deal with 
the risk of collisions with reinforcement bars and the risk of exceeding the hole tolerances 
etc. 

CSP positions 

The positions of the post-installed CSPs have to be adapted to the conditions in the 
existing bridge. Typical factors that need to be considered are the location of the 
transversal reinforcement, the location of the longitudinal reinforcement and the design 
requirements in EN 1993-1-8 (2005) and EN 1994-2 (2005).  

To perform the post-installation of the CSPs, it is necessary to drill into the existing 
reinforced concrete deck slab. The holes need to pass the horizontal bottom layers of 
reinforcement, both the transversal and the longitudinal, but will in the general case be 
ended before the reinforcement bars in the top layers are reached. If no actions are taken 
to locate the reinforcement bars, the drilling will most likely cut some of the transversal 
reinforcement bars apart. These bars are mainly needed to distribute the shear forces to 
the concrete deck slab, since the main transversal moments are negative above the steel 
girder, implying that the bottom part of the deck slab is in compression in the transversal 
direction. However, since there are positive transversal moments between the girders, it 
must be assured that sufficient anchorage lengths are provided if the reinforcement bars 
are utilized in the design. 

Two different approaches to deal with this problem have been found in the literature, 
both used in bridge strengthening projects. In the Pitsund Bridge strengthening project, 
in Sweden, no detection of the reinforcement bars was performed (Olsson 2017), while 
Peiris & Harik (2014) reports about an installation procedure where ground penetrating 
radar was used to determine the positions of the reinforcement bars. The latter 
strengthening project was not with CSPs, but with adhesive anchors used as post-installed 
shear connectors. The detection procedure is however not dependent on the type of 
connector.  

Based on the available knowledge about these two approaches, a flow chart has been 
created for the CSP-positioning in relation to the transversal reinforcement bars, see 
Figure 4.24. The tasks within the flow chart are described more in detail in the design 
guidance in Appendix B. 



Composite bridges 

70  

 
Figure 4.24 Flow chart for the CSP-positions in relation to the transversal reinforcement 

Concerning the risk of collisions between CSPs and longitudinal reinforcement bars, it 
is harder to detect the positions of the longitudinal reinforcement bars by measurements. 
As a first assumption when the positions of the post-installed CSPs are decided, the 
theoretical positions of the reinforcement bars can be taken from the drawings of the 
existing bridge, if available. However, the bridge designer must either establish at least a 
second alternative position of the connectors in the transversal direction, or ensure that 
the structural capacity will not be affected by the loss of the affected reinforcement bars. 

The European design code for composite bridges EN 1994-2 (2005) specifies the general 
design requirements for the location of the shear connectors. These requirements must 
be complemented by the requirements for positioning of holes for bolts and rivets, given 
by EN 1993-1-8 (2005). This is necessary since the CSP connection is quite similar to 
riveted- or bearing type bolt-connections, in the aspect of potential failures in the 
connecting steel plate. However, as presented in Appendix B, the requirement in EN 
1994-2 (2005) will be governing the CSP-positions in the general case. 
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In addition to the design requirements, the locations of the CSPs are also governed by 
project specific execution requirements. These requirements are often related to the space 
needed for the drilling equipment.  

From an installation point of view, it is often preferable to locate all post-installed 
connectors on one side of the steel web-plate, if possible. This unsymmetrical shear 
transfer will cause a bending moment acting of the steel girder in the week direction. 
However, this moment will be counteracted by transversal force couples in the CSPs, 
over a long distance, which often are negligible. 

Precision drilling 

To be able to install the CSPs from below the bridge, holes must be drilled through the 
steel top flange and into the concrete deck. This drilling can either be done by using 
different drill bits for the steel and concrete drilling, or by using one diamond core drill 
for the whole drilling operation. The wearing down of the bits can be a significant cost 
factor since the required tolerances are very tight.  

The product data sheet provided by the manufacturer of the CSPs gives the tolerances 
of the pins, prior to installation. The studied CSP, with a nominal diameter of 20 mm, 
has a tolerance interval of 20.40-21.00 mm for the outer diameter, as illustrated in Figure 
4.3. The tolerances of the holes must be tight to ensure proper field performance of the 
CSPs (Pritchard 1992, Buckby et al. 1997). For the two bridge projects presented by 
Pritchard (1992) and Buckby et al. (1997), the DLR-bridge in London and a Canadian 
light railway bridge in Vancouver, the hole diameters were allowed to vary between 
19.85 mm and 20.25 mm. This interval was also reported as the manufacturer’s tolerances 
in these cases. For the Canadian Bridge, an additional requirement was used, limiting the 
relative differences in hole diameters between the hole in the steel and the concrete to 
0.1 mm. During the installation of approximately 2 500 pins, only fourteen holes failed 
to meet these criteria. Holes that did not meet the tolerance requirements were 
abandoned and new holes drilled nearby (Buckby et al. 1997). The same hole tolerances, 
19.85 mm to 20.25 mm, were used in the Pitsund Bridge strengthening project in 
Sweden reported by Olsson (2017) and in the manufacturing of the push-out test 
specimens presented in (Hällmark et al. 2018c, 2018d).  

Based on the experiences presented above, it is recommended to use hole tolerances of 
19.85 – 20.25 mm, combined with a requirement of a relative hole diameter difference 
of maximum 0.1 mm between the hole in the steel- and the concrete-part, respectively. 
These tolerances might be demanding for the drilling operator, but have been proven 
feasible.  

The drilling should be followed by control measurements of the hole diameter, in both 
the steel- and the concrete-part, to ensure that the holes are within the tolerances. If the 
tolerances are exceeded, the hole should be abandoned and a new nearby hole should be 
drilled in an alternative position provided by the designer of the strengthening. 
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Jacking 

To enable an installation of the oversized CSPs (20.40-21.00 mm) into the undersized 
holes (19.85-20.25 mm), the CSPs are chamfered in both ends to an outer diameter less 
than 19.6 mm, see Figure 4.3b. This makes it easier to push the CSPs into the holes, 
using a hydraulic jack, to create an interference fit. Figure 4.25 shows the installation of 
CSPs in the DLR-bridge strengthening project in London 2008, presented by Jackson 
(2015). 

 

Figure 4.25 Installation of CSPs in the DLR-bridge 

Lubricants have often been used to lower the jacking force required for the installation 
of the pins (Pritchard 1992, Buckby et al. 1997, Olsson 2017). Laboratory tests indicate 
that the use of lubricants have a negligible effect on the ultimate load capacity, although 
the measured slip increases slightly (Buckby et al. 1997). These conclusions are supported 
by the push-out tests with and without lubrication presented by Hällmark et al. (2018c). 

The jacking force required to press the CSPs into the holes varied between 62-205 kN 
in the installation of the approximately 2 500 Coiled Spring Pins in the Canadian Bridge 
(Buckby et al. 1997). In the manufacturing of the test specimens presented in (Hällmark 
et al. 2018c, 2018d), jacking forces between 50-130 kN were registered when lubricated 
pins were pressed into holes with diameters between 19.95-20.31 mm. 

Based on the experiences from real strengthening projects and the manufacturing of test 
specimens, it is recommended to start the installation of the CSPs without using 
lubricants. However, if the magnitude of the installation force becomes too big, for the 
jack or for the supporting bottom flange, tests have shown that lubricants can be used 
without jeopardizing the load capacity of the connectors. Suitable lubricants can be 
chosen on a case-to-case basis, depending on the requirements for the sealing and 
corrosion protection products. 
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Corrosion protection 

After the installation is complete, it is important to seal the holes to prevent air and 
moisture from entering and corroding the CSPs. In the case with the Pitsund Bridge, a 
penetrating corrosion protection system was applied on the new steel surfaces after 
drilling. The coating system had a drying time of 24 hours, which implied that it also 
had a lubricating effect since the installation of the pins were done directly after the 
drilling (Olsson 2017). The holes were however not sealed in this bridge and the CSPs 
were only electrogalvanized with a minimum zinc thickness of 5 �m, which is not 
enough to provide a long term protection against atmospheric corrosion in an outdoor 
climate. As a consequence of this, after slightly more than ten years there is some 
corrosion in the end of the pins, see Figure 4.26. This is more of a cosmetic problem, 
but can easily be avoided in future projects by sealing the holes properly.  

 
Figure 4.26 Picture of the CSPs in the Pitsund Bridge, ten years after the installation 

In other projects involving post-installation of CSPs, different types of sealing techniques 
have been used. Buckby et al. (1997) reports about a sealing of the end of the CSPs in 
order to prevent air and moisture ingress. In another case, the Coiled Spring Pins were 
recessed 2 mm into the steel flanges and those recesses were filled by sealant before local 
repainting (Pritchard 1992). It should be noted that any reduction in the contact area 
between the steel flange and the Coiled Spring Pin due to the pin chamfer or any recess 
must be considered in the design. This effect can be significant for thinner steel flanges 
where the chamfer and recess may represent a large percentage of the available contact 
area.  

Even if the holes are sealed, they can still be opened in order to perform sample 
inspections of the pins from the inside. By inspecting the inside of the pins, fatigue cracks 
or already occurred failures can be detected. This is an advantage compared to other types 
of embedded connectors, which often cannot be inspected. 

Based on the experiences so far, it is recommended to seal the holes to prevent air and 
moisture ingress, and to apply a suitable corrosion protection at the top of the sealing.  
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Installation methods 

The suitable installation method can vary a lot between different bridges, depending on 
the traffic condition on the bridge, the access from below the bridge, the width of the 
superstructure, the number of girders etc.  

As highlighted in previous sections, it is often preferable if the post-installed CSPs are 
located only on one side of the web plates. This enables an installation procedure where 
access to the steel top-flange is needed from just one side of the web plate. Two examples 
of such installation procedures, alternative (a) and (b), are illustrated in Figure 4.27. If the 
traffic volume enables a close down of the outer lanes, one at the time, the alternative (a) 
can be considered with an installation from a truck based boom lift. Such an installation 
procedure was used for the installation of 1 200 CSPs in the Pitsund Bridge strengthening 
project in Sweden, see Figure 4.27b. During the installation of CSPs, the bridge was 
open for traffic, with the exception of the outer lane where the boom lift was located. 
Alternative (b), in Figure 4.27a, with a temporary working platform between the bottom 
flanges enables an installation procedure without affecting the traffic at all. If there is a 
need to install CSPs from both sides of the web plates, alternative (c) in Figure 4.27a can 
be considered. If it is possible to get access to the ground below the bridge, it can also be 
considered to perform the installation works from the ground, in a boom lift or on 
temporary working platforms.  

 
Figure 4.27 Examples of possible installation methods 

It can be worth to spend some time on the choice of the installation method , and an 
optimization of it, since the strengthening technique with CSPs is labour intensive and 
the majority of the costs are related to the hours spent on the on-site installation. For the 
Pitsund Bridge, two persons installed 20-30 CSPs each working shift (eight hours). This 
installation method resulted in a cost of approximately 60 €/CSP, in year 2006. The 
material costs for the CSPs were less than 10% of the total costs, while the labour costs 
were more than 50%.  
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Chapter 5 

DISCUSSION AND CONCLUSIONS 

This chapter summarises the conclusions of the research presented in this thesis and 
presents a discussion of the outcome together with suggestions for future research. 

5.1 Introduction 

The overall objective of this thesis was to achieve more time and cost efficient use of 
composite bridges, by further development of suitable design procedures for new 
composite bridges and strengthening methods based on the creation of composite action. 

When a bridge is constructed, strengthened or rehabilitated, the impact on the road users 
can be reduced if a proper design, production or installation method is chosen. 
Prefabrication is one method to reduce the time spent on-site, choosing an appropriate 
strengthening method is another.  

This thesis deals with two specific methods, Prefabricated composite bridges with dry deck joints 
and Post-installed Coiled Spring Pins, both focused on minimizing the impact on the road 
users. A part of the hypothesis was that the methods would be more competitive if 
reliable and practical design guidelines were developed. In the beginning of the research 
process, the identified key issues were formulated and later compiled into two sets of 
research questions, presented in Chapter 1. The main findings related to these questions 
are summarised and discussed in this chapter. The two methods are first discussed 
separately, followed by a section with a common discussion about composite bridges and 
innovative ways of achieving composite action. 

5.2 Prefabricated composite bridges with dry deck joints 

The conclusions from the research within the topic Prefabricated composite bridges with dry 
deck joints are presented below, followed by a discussion section and recommendations 
for further research. 
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5.2.1 Research questions and findings related to these 
 

A-RQ1. What is the state-of-the-art within this field? 

The ever increasing number of vehicles in urban areas has contributed to the 
development of new production methods and structural designs, to reduce the time spent 
on the construction sites when new bridges are built or old bridges replaced. Thus, 
accelerated bridge construction techniques are gaining ground around the world. 
Procedures for prefabricating bridge elements have been intensively developed and 
researched, and numerous ways of using prefabricated deck elements have been 
described. This thesis has focused on elements with dry transverse joints, which so far is 
a very rare design solution. Currently, prefabricated decks are generally constructed using 
transverse joints with in-situ cast concrete surrounding overlapping reinforcement bars 
from the adjacent deck elements. 

This research question has been handled by performing a literature state-of-the-art 
review. The outcome is presented in Paper I and section 3.1-3.3 of this thesis. 
 

A-RQ2. How does a superstructure with dry deck joints behave under positive and 
negative bending moments? 

The structural behaviour of a composite superstructure with dry deck joints has been 
investigated through large-scale laboratory tests, in combination with field monitoring of 
a single span bridge constructed using the studied prefabrication system. 

In case of positive bending moments, i.e. with the concrete deck in compression, the test 
results indicate that this type of bridge behave almost as a corresponding bridge with an 
in-situ cast concrete deck, in the ULS. However, there is still a difference in load capacity 
between the reference test with an in-situ cast deck and the specimens with prefabricated 
deck elements with dry joints. Therefore, it is suggested that the effective width of the 
concrete flanges are reduced with a factor 0.8 in the ULS. The statement above is only 
valid in the ULS, which often is the most important limit state in the design of this type 
of bridge. Under moderate positive bending moments, in SLS and FLS, the test results 
indicate that the stiffness is significantly reduced. This reduction is mainly caused by a 
combination of the initial joint gaps and the continuous in-situ cast channels, which have 
to be compressed before the rest of the joint starts to transfer forces. This has to be taken 
into consideration in SLS- and FLS-design, for instance, when the steel parts are designed 
for fatigue or the deflection criterion is checked. Recommendations how to perform the 
global analysis in the different limit states, and the cross-sectional design, have been 
presented in section 3.4.1 and also in Appendix A. 

In case of negative bending moments, there will be gaps in the joints, implying that 
longitudinal forces cannot be transferred over the joints. Thus, the shear forces transferred 
to the concrete by the shear connectors have to enter and leave the concrete elements 
between every joint. This results in a huge shear-lag, since the equivalent length is 
reduced to the longitudinal distance between the outermost shear studs within an 
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element. Therefore, when a bridge deck of this type is in tension, the stiffness as well as 
the cross-sectional resistance should be based on the steel section only. 

This research question is covered by Paper IV, V and section 3.4.1 of this thesis. 
 

 

A-RQ3. How do the shear keys fail under an increased static load and how should a 
rational design calculation of the shear keys be done? 

The shear keys are vital parts of the construction, since they ensure that vertical forces 
can be distributed between the elements. The ultimate load capacity and the failure mode 
of the shear keys have been studied by laboratory tests.  

From the eight tests on reinforced shear keys, two different failure modes were observed.  

In the first failure mode, cracks were developed in the bottom of the shear keys. Under 
an increasing load, the cracks propagated with inclinations of �45° until they reached the 
upper surface of the deck element. These cracks passed the shear reinforcement, the SX-
bars, and the dimension of the reinforcement bars governed the ultimate capacity of the 
shear keys. 

In the second failure mode, cracks were developed in the concrete cover layer. If the 
shear keys are properly reinforced, with overlapping reinforcement in the male-female 
concrete tongues, this type of failure should not govern their ultimate load capacity. The 
shear keys would continue to transfer forces even if the concrete cover layer separates 
from the rest of the shear key. However, this type of failure is still undesirable, since it 
might affect the long-term sustainability of the bridge.  

The second type of failure has only been observed in the shear-key laboratory tests with 
stiff supporting elements. When large-scale joints have been tested, only the first failure 
mode has been observed. In section 3.4.2, possible reasons why this failure occurred only 
in the small-scale tests have been discussed. 

The scatter of the test results was quite high, which makes it difficult to establish any 
general design criterion. The scatter was mainly a consequence of the occurrence of two 
different failure modes, as presented above.  

With current knowledge, based on the observations and measurements presented in 
section 3.4.2 and Paper III, it is recommended to design the shear keys according to the 
formulas for inclined shear reinforcement in EN 1992-1-1 (2005), presented in equation 
(3.2) in this thesis. 
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A-RQ4. What is the long-term behaviour of a bridge with dry deck joints, compared to 
a composite bridge with a conventional in-situ cast deck slab? 

The long-term behaviour of the studied concept with prefabricated deck elements with 
dry joints has mainly been investigated by field monitoring of a single span bridge built 
in 2000. This bridge has been monitored two times, in 2001 and 2011, which made it 
possible to investigate if there were any significant differences between the test results.  

From the comparison of the test results, one possible long-term effect was observed. 
When the bridge was loaded with an eccentric load, the distribution of the deflection 
between the loaded girder and the passive girder has changed over time. The relative 
deflection of the passive girder, in relation to the active girder, has decreased from 40% 
to 30%. This change might be a consequence of reduced joint gaps, during the time 
elapsed between the tests, caused by abrasion of irregularities at the concrete contact 
surfaces, resulting in more evenly distribution of forces over the joints. 

The study of the long-term effects is presented in Paper IV and also briefly in section 
3.4.1 of this thesis. 
 

A-RQ5. Which aspects need to be covered in a detailed design of this type of bridges? 

Composite bridges with prefabricated concrete deck elements with dry joints can 
generally be designed according to the same design procedures as conventional composite 
bridges, with in-situ cast concrete deck slabs. However, the author has identified some 
important differences, which makes it necessary to modify some of the design 
assumptions. These differences have been highlighted in section 3.4.1-3 and in Appendix 
A. 
 

5.2.2 Discussion and further research 

The prefabricated bridge concept studied within this thesis is generally best suited for 
short single span bridges. If the concept would be applied on longer bridges, it might be 
necessary to use some in-situ cast joints to zero the cumulative tolerance errors. In order 
to design longer bridges without in-situ cast joints, it would be beneficial if the tolerances 
could be increased, or the deck element system redesigned to avoid collisions between 
shear connectors and reinforcement bars. One example of a possible way to increase the 
tolerances is presented in Figure 3 in Paper I. This innovative connection detail, from 
the US, utilizes UHPC (Ultra High Performance Concrete) to avoid an intersection 
between the shear connectors and the reinforcement bars in the prefabricated concrete 
elements. 

A competitive alternative to prefabricated deck elements with dry-joints is prefabricated 
deck elements with in-situ cast joints (wet-joints). If elements with wet-joints are used, 
it will not be possible to install the waterproofing almost immediately after the erection, 
since the concrete needs to dry out. Hence, the bridge cannot be opened for traffic as 
fast as a bridge with dry joints. However, if the geometry of the bridge is complex, with 
varying curvature, deck widths etc., in-situ cast joints offer the valuable opportunity to 
make small adjustments at each joint. 
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Continuous multi-span composite bridges with dry deck joints will require more steel in 
the superstructure than a corresponding bridge with prefabricated deck elements with 
in-situ cast joints or with a totally in-situ cast deck slab. Therefore, a design solution with 
prefabricated deck elements with dry joints will not be the optimal choice for a new 
bridge that can be built without disturbing the traffic or the environment. However, if 
the work at the bridge site will result in a huge impact on the traffic, the neighbours, the 
environment etc., or if the client and the contractor would benefit significantly from a 
shorter construction time, prefabricated deck elements with dry deck joints can be 
competitive.  

One critical factor in continuous multi-span bridges, built with the studied concept, is 
the durability of the waterproofing. The waterproofing has to be designed to withstand 
cyclic variations of the joint opening, to avoid damages caused by water penetration and 
leakage in the joints. This is beyond the scope of this thesis, but an important issue to 
address in further research. It is also strongly recommended to involve the manufacturers 
of the waterproofing systems in the further research. 

The shear connection is also an area that would require further research. The outermost 
shear studs within an element will probably transfer higher shear forces than those in the 
middle of an element. Previous tests have shown that the fatigue resistance of shear studs 
at internal supports is sufficient, if they are designed for composite action. Further 
research would be beneficial to investigate how the shear forces are distributed between 
the shear connectors within an element and to evaluate the consequences in FLS and 
ULS.  

5.3 Post-installed Coiled Spring Pins 

The conclusions from the research within the topic Post-installed Coiled Spring Pins are 
presented below, followed by a discussion section and recommendations for further 
research. 

5.3.1 Research questions and findings related to these 
 

B-RQ1. What is the state-of-the-art within this field? 

Post-installation of shear connectors in non-composite steel-concrete bridges, is a 
strengthening method that has been used in several countries. Welded headed studs, the 
most well-known and well documented shear connector today, are probably the most 
common choice when a bridge is strengthened by post-installation of shear connectors, 
although the installation process requires a rather large intervention in the structure. 
However, there are bridge designers and researchers from all over the world that have 
tried to use and develop alternative types of shear connectors to simplify the installation 
procedure, reduce the traffic disturbance, improve the fatigue lifetime etc. Research has 
been performed on several types of shear connectors suitable for post-installation, such 
as: different types of bolted connections, adhesive anchors, mechanical anchors and 
interference fit connectors.  
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The shear connector that has been in focus in this thesis, the interference fit Coiled 
Spring Pin, is not a well-documented shear connector in steel-concrete connections, 
even though it has been used in other industries for several decades. The author has been 
able to identify a few bridge strengthening project, in Europe and Canada, through a 
literature review followed by personal contacts to some of the bridge designers involved 
in the projects. However, the available literature references from the use of CSPs in 
bridge strengthening can be counted on one hand.  

The author has tried to contribute to the dissemination of the use of CSPs as shear 
connectors in composite bridges, by performing a state-of-the-art review presented in 
Paper VI and briefly summarized in section 4.1-4.3. 
 

B-RQ2. In what way does a CSP fail under static loading and which parameters are influencing 
the behaviour? 

The static strength and the load-slip behaviour of the CSPs have been investigated by a 
test series of 28 push-out tests. An alternative push-out test set-up was used, to enable an 
easier post-installation procedure in comparison to the standard test specimen presented 
in the European design codes. This test set-up has been evaluated and validated by a 
comparative test series on headed shear studs. 

The test results show that the failure mode of the CSPs is very ductile, exceeding the 
shear connector ductility criterion in the Eurocodes, by far. The large slip prior to the 
failure is a consequence of concrete crushing around the lower parts of the CSPs, near 
the steel-concrete interface, and plastic deformations of the CSPs as well as the edges of 
the holes in the bearing steel plates. Two plastic hinges were developed in the CSPs, one 
at the interface between the steel and the concrete and another one a few centimetres 
into the concrete. In comparison to welded headed studs, the CSP is in general more 
ductile and remains often in one piece even at slips exceeding 20 mm. In case of a failure, 
the end of the failed CSP starts to move out of the steel plate indicating a failure. 

The influence of different parameters on the static strength and the stiffness has been 
studied. The two parameters in focus were the concrete compressive strength and the 
steel plate thickness. The test results indicate a dependency between the concrete 
compressive strength and the static strength of the shear connection, but not at all as 
strong dependency as in the dimension criterion for headed shear studs. Concerning the 
steel plate thickness, no significant difference in the static strength of the shear connection 
has been identified between the two tested steel plate thicknesses (30-45 mm), whereas 
a difference in the ductility and in the stiffness have been verified. Specimens with thinner 
steel plates show a more ductile behaviour, while specimens with thicker steel plates have 
more distinct and earlier failures, in terms of slip. 

Based on the presented research, the author suggests that the static strength of the studied 
CSP is estimated as 130 kN/CSP, if the minimum steel plate thickness is limited to 20 
mm and if the compressive cylinder strength of the concrete is within the interval of 24-
45 MPa. 
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This research question is covered by the study of the static strength of CSPs presented in 
Paper VIII and briefly summarized in section 4.3.2. 
 

B-RQ3. In what way does a CSP fail under fatigue loading and which parameters are 
influencing the behaviour? 

The fatigue strength of CSPs has been investigated by a test series of nine fatigue push-
out tests and by evaluating previously performed tests by other researchers.  

The most important factor for the fatigue lifetime is the fatigue stress range. In the tests 
performed by the author, the stress range and the initial load have been varied, while the 
other parameters have been kept constant. The initial load cycle was higher than the 
other load cycles, to simulate the impact of loads higher than the fatigue loads.  

The fatigue tests were run until failure occurred in at least one CSP and the number of 
cycles until failure were registered. After the tests were ended, the steel plates were 
removed from the concrete blocks and the failures visually inspected. The inspection 
showed that the failed CSPs, in many cases, had separated into small pieces near the 
fatigue failure, which made it hard to identify the crack initiation points and the crack 
propagation directions. The typical fatigue failure of the CSPs seems to occur a few 
millimetres into the steel plate, in the same position where the first plastic hinge is 
developed in the static tests and where the stresses in the CSPs are expected to be highest. 
After a fatigue failure of a CSP, the end of the failed pin starts to move out from the steel 
plate indicating a failure, like in the static tests. 

The test results have been summarised and evaluated, together with previous test results 
presented by other researchers. Linear regression analyses for the S-N (or P-N) curves, 
assuming a linear relationship in a double logarithmic scale, indicate good agreement 
within the different test series, while comparisons between different test series indicate 
clear differences. Some of the factors that can explain the differences are: different types 
of test specimens, varying material parameters and dimensions, differences in the 
definition of the fatigue failure and deviating testing procedures. The last two are the 
ones that the author believes are the major reason for the large scatter between the test 
series.  

Based on the new test results, the author recommends that the characteristic fatigue 
strength curve presented in equation (4.3) is used for the studied type of CSPs. 

This research question is covered by the study of the fatigue strength of CSPs presented 
in Paper IX and briefly summarized in section 4.3.3. 
 

B-RQ4. What is the structural behaviour of a bridge strengthened with Coiled Spring Pins? 

In order to answer this research question, the author has planned and conducted a field 
monitoring of one of the few bridges strengthened with CSPs, the Pitsund Bridge. The 
results from the field monitoring have been compared to different design assumptions 
regarding the stiffness of the shear connection. 
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The steel strain measurements indicate that the strengthened cross-sections behave as 
composite cross-sections. In the strengthened span, the registered slips are all very small 
in comparison to the slips registered in the non-strengthened span. This comparison 
indicates that the CSPs are reducing the slip significantly. 

If the test results, both steel strains and deflections, are compared to FE-models with 
varying shear connection stiffness, an assumption of a rigid shear connection gives the 
best agreement. 

Regarding the relative vertical movement at the steel-concrete interface, the potential 
uplift, the measurements show no indications of uplift in the parts with CPSs. This is an 
expected result, since the forces acting on the shear connectors, during the monitoring, 
are rather low and since the potential separation is expected to occur in the ultimate limit 
state. 

The results and conclusions presented above are only verified at the tested load levels, 
which is comparable to the load caused by the fatigue load model three (FLM 3) in 
Eurocode. 

Paper VII contributes with additional information about the structural behaviour, while 
section 4.3.4 gives a brief summary of this topic. 
 

B-RQ5. Which aspects need to be covered in a detailed design of this type of strengthening? 

Previous research and the research performed by the author, show that there are several 
important aspects that need to be taken into account in the design procedure of a bridge 
strengthening by post-installation of CSPs.  

Experiences from laboratory tests and bridge strengthening projects have been gathered 
and used to develop design recommendations based on the author’s best knowledge. 
These recommendations span from the early design stage to the end of the installation 
procedure.  

The recommendations are summarized in a design guidance that is attached to this thesis 
as Appendix B. This guidance is based on the essence of the information presented in 
Chapter 4 and the appended Paper VI-IX. 
 

5.3.2 Discussion and further research 
The research presented in this thesis is a first step in the development towards general 
design criteria for post-installed CSPs. Several interesting conclusions have been drawn, 
observations have been made, improvements have been identified and additional research 
questions have been raised. Among all, the author would like to highlight the following 
interesting areas for further research. 

There is no doubt that there is a need for large-scale beam tests with CSPs as shear 
connectors. So far, there are no tests performed in the ultimate limit state on a structural 
level, only push-out tests on a local shear connection level. There are several reasons why 
it is important to complete the present knowledge with results from steel-concrete beams 
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strengthened with CSPs and loaded to failure. Firstly, it is important to prove that the 
results from the push-out tests are conservative and that the results can be used on a 
structural level. Secondly, it is also important to study the risk of a potential uplift of the 
concrete deck slab, to find out if such a behaviour would affect the load capacity in the 
ultimate limit state or not. The latter is very important, since the European code for new 
composite bridges, EN 1994-2 (2005), requires that “Shear connectors shall be capable of 
preventing separation of the concrete element from the steel element, except where separation is 
prevented by other means”. If future beam tests indicate that there is a risk of an uplift that 
affects the structural load capacity, then it might be necessary to complement the CSPs 
with additional anchoring devices, which take care of the vertical forces. 

As a result of the conclusions from the static and the fatigue push-out tests, the author 
recommends that future push-out tests are performed on the type of standard push-out 
test specimen recommended by EN 1994-1-1 (2005). This implies that the steel section 
needs to be split into two halves prior to the installation of the CSPs and then welded 
back into one unit after the installation of shear connectors. It should be noted that the 
HE260B section in the standard test has to be replaced, since the steel flange thickness is 
a parameter that will affect the test results. By using a standard specimen, it would be 
easier to compare the results to other types of shear connectors. 

It is recommended that the results from the static- and the fatigue-push-out tests are 
analysed further by comparisons to FE-models. The FE-models should be calibrated to 
the tests results, followed by parametric studies of the important parameters. 

For bridge strengthening projects with CSPs, a large part of the strengthening costs are 
related to the installation work. Therefore, it would be of interest to reduce the amount 
of shear connectors by using partial composite action instead of full composite action. 
This would imply that only the necessary amount of connectors would be installed, in 
order to achieve the desired strengthening effect. However, before the focus is shifted 
towards partial composite action, the structural behaviour of a full composite section in 
the ultimate limit state and the potential risk of uplift should be investigated.  

5.4 Concluding discussion 

This thesis has been focused on two different ways of reducing the time spent on the 
construction site and the impact on the road users. None of these methods are 
mainstream solutions that can, nor should, be used as standard solutions. 

The prefabricated concrete deck elements with dry joints, is an example of a possible 
design solution that can be used if it is crucial to reduce the time spent on the bridge site. 
However, there are drawbacks and limitations of the concept, which limits the 
possibilities and the competitiveness. One drawback is the limited tolerances in all stages, 
from the manufacturing of the steel and the concrete parts to the installation on site. 
Another drawback, in continuous multi-span bridges, is the need of additional detailing 
of the waterproofing and the pavement in regions with negative bending moments, due 
to the varying gap of the dry joints. However, prefabricated bridge deck elements with 
in-situ cast joints do not have these drawbacks, but they are still rare exceptions in 
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Sweden. There seems to be a consensus that prefabrication is a good tool to reduce the 
time spent on the construction site and the impact on the road users. Still the in-situ cast 
and reinforced concrete deck, which needs both formwork and scaffolding installed on 
site, is the standard design solution in the quite conservative bridge construction industry. 

The strengthening method with post-installed CSPs offers the possibility to strengthen 
non-composite steel-concrete bridges with no or minimum traffic disturbance. The CSP 
connector will not be a competitor to the welded headed studs, rather a complement. In 
new structures, welded headed studs offers an effective installation procedure under 
controlled conditions in a steel workshop, while CSPs are inappropriate and should not 
even be considered as an alternative at all. In strengthening of existing structures, welded 
headed studs will probably be the bridge designers’ first choice even in the future, 
especially if there is a need of additional rehabilitation work on the concrete deck, or if 
it is not a problem to close the bridge, partly or completely, during the strengthening 
work. If this is not the case, implying that the concrete deck slab is in good condition 
and that it is important to minimize the impact on the traffic, then CSPs can be really 
competitive.  

To increase the use of CSPs as shear connectors in composite bridges, the author believes 
that there is a need of general guidelines, describing the different criteria from the early 
design process to the end of the installation procedure. This thesis has been a kind of 
take-off in that direction, but there are still several research questions left to answer before 
a general design guidance can be written, and additional questions will probably be 
identified along the way. This is basically what research is about for me, to identify 
questions that neither you, your colleagues nor the available literature can provide 
answers to, and then making your own way to the answers through empirical and 
analytical investigations. 
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Appendix A 

DESIGN GUIDANCE 
COMPOSITE BRIDGES WITH PREFABRICATED 

CONCRETE DECK ELEMENTS WITH DRY JOINTS 

This appendix summarises the knowledge and research on composite bridges with 
prefabricated concrete deck elements with dry joints, by presenting a design guidance 
along with a design example. 

The recommendations are limited to steel-concrete composite bridges designed with 
prefabricated concrete deck elements, with dry joints between the concrete elements and 
with in-situ cast longitudinal connections between the steel girders and the concrete 
deck. The latter is created by injecting concrete into a closed channel, to get a dry deck 
surface as soon as possible, see Figure A.1a. Overlapping concrete tongues, shear keys, 
are used to transfer shear forces over the dry joints, see Figure A.1b. 

  
(a) Illustration of the longitudinal joint (b) Dry deck joint with shear keys 

Figure A.1 Illustration of the longitudinal and transversal joints in the studied concept 

The suggestions and advices presented in this appendix are based on results from 
laboratory tests, field monitoring of a bridge and the experiences from the design of three 
single span bridges of this type. It should be highlighted that the presented 
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recommendations are examples of important aspects and details that have been identified 
by the author. However, these examples do not claim to be comprehensive. It is likely 
that bridge designers will identify additional critical aspects and encounter design 
problems that have been overlooked in this study. 

The design methods are generally identical as those used for conventional composite 
bridges, with in-situ cast concrete decks, designed according to EN 1994-2 (2005). 
Therefore, only the design steps where differences have been identified are presented in 
this appendix. 

A.1 Global analysis 

For the studied type of bridge, the global analysis can generally be performed in 
accordance with the requirement of EN 1994-2 (2005). There are however some parts 
of the design process that need to be modified. Some of the most important modifications 
are presented below.  

It should be mentioned that the structural behaviour are affected by the magnitude of 
the joint gaps. The design recommendations below require that the specified production 
tolerances of the joint gaps are fulfilled, see section A.5. 

EN 1994-2 (2005) 5.4.1.2 – Effective width of flanges for shear lag 
 

ULS – positive bending moment (concrete in compression) 
Large-scale tests reported by (Möller et al. 2012a) indicate that the stiffness of a composite 
section with prefabricated deck elements with dry joints is a bit lower than the stiffness 
of an in-situ cast deck. The tested ultimate capacities are also lower in comparison to the 
result from the reference test, with an in-situ cast concrete deck, but still higher or equal 
to the load capacity calculated according to EN 1994-2 (2005). It would be preferable if 
this behaviour had been verified by additional tests. 

In the ULS it is suggested to use the formulas given in EN 1994-2 (2005) for calculating 
the effective width of the interacting concrete and the equivalent span length, Le, see 
Figure A.2. In lack of additional test results, the author suggests that the effective concrete 
flange area, calculated in line with EN 1994-2 (2005), is reduced by a factor of 0.8.  

 

 

 

1. Le = 0.85L1 for beff,1 

2. Le = 0.25(L1+L2) for beff,2 

3. Le = 0.70L2 for beff,1 

4. Le = 2L3 for beff,2 

Figure A.2 Equivalent length for calculation of effective width of the concrete, EN 1994-2 (2005) 
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SLS and FLS – positive bending moment (concrete in compression) 
Under moderate loading, results from laboratory tests, field monitoring and FE-analyses 
all indicate a lower stiffness of this kind of bridge deck, i.e. a reduced effective width of 
the concrete flanges, in comparison to a corresponding in-situ cast bridge deck. Under 
the same load, the steel stresses will be higher in this type of structure in comparison to 
the steel stresses in a corresponding bridge with an in-situ cast deck. This behaviour is a 
consequence of the combination of initial joint gaps, that need to be closed, and the 
existences of the continuous in-situ cast concrete channels that need to be compressed 
in order to close the joint. This leads altogether to a significant reduction of the effective 
concrete width for a beam model in SLS and FLS. 

It is suggested that the effective concrete width is calculated according to EN 1994-2 
5.4.1.2, assuming an equivalent span length (Le) equal to the maximum longitudinal 
distance between the outermost shear studs within an element. 

ULS, SLS and FLS – negative bending moment (concrete in tension) 
In case of negative bending moments, the model described in EN 1994-2 (2005) is not 
suitable for defining the effective width of the concrete flanges. The distance between 
the points of zero bending moment, the equivalent span (Le), cannot be approximated in 
the same way. Le can never be longer than the maximum longitudinal distance between 
the outermost shear studs within the element, since the concrete elements cannot transfer 
any longitudinal tensional forces over a joint. Laboratory tests, as well  as FE-analyses, 
indicate that the structural stiffness over an internal support (negative bending moment) 
is rather close to the stiffness of the steel section itself. Therefore, in the global analysis it 
is recommended to use the stiffness of the steel cross-section alone. If there are doubts 
whether this approximation can be used on a specific bridge or not, it is recommended 
to perform a quick sensitivity analysis studying the impact, on the moment distribution, 
of an increased interacting concrete area.  

EN 1994-2 (2005) 5.4.2.3 (3) – Effects of cracking of concrete 

The simplified method that is described in this paragraph should be good enough also 
for a global analysis of multi span composite bridges with dry deck joints. However, the 
stiffness in the support regions (15% of the span length at each side of an internal support) 
has to be modified. EN 1994-2 (2005) provides a stiffness for composite sections with 
cracked concrete, which is based on the moment of inertia for the equivalent effective 
steel cross-section (I2) including reinforcement bars but excluding concrete in tension. 
Since there are no longitudinal reinforcement bars that cross the joints, only the cross-
section of the steel girder should be used to model the support regions of the 
superstructure in the global analysis. 

A.2 Resistance of cross-sections 

The following approach is suggested to determine the cross-sectional resistance of the 
superstructure. 
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If the concrete deck is in tension, bending moments and normal forces taken into 
consideration, the steel cross-section should be designed to take the entire load. In 
comparison to an in-situ cast bridge deck, this design will result in some extra steel in 
the upper flanges in the support sections, approximately replacing the area of the 
longitudinal reinforcement, with a minor addition due to the shorter distance to the 
neutral bending axis. 

If the concrete deck is in compression, bending moments and normal forces taken into 
consideration, the cross-sectional resistance can be determined according to the rules 
given in EN 1994-2 (2005) but with 20% reduction of the interacting concrete area 
(factor 0.8). The reduction is due to a limited number of beam tests  loaded until failure 
and due to tested load capacities that are somewhat lower than the capacity of the 
reference test with an in-situ cast deck. This assumption is reasonable in the ULS, 
according to the tests presented by Möller et al. (2012a). However, under moderate 
loading, in the SLS and FLS, the effective width of the interacting concrete is smaller. 
Tests have shown that an equivalent span length (Le) equal to the distance between the 
outermost shear studs within an element, gives a good approximation of the interacting 
concrete area. 

If the mean value of the gaps between the elements are assumed to be large (>1.0 mm), 
one should consider doing a non-linear FE-analysis simulating joint gaps that are closing 
under an increased load. Such an analysis will give an estimation of the impact, from the 
joints gaps, on the stress distribution in the composite cross-section.  

In most cases, the neutral bending axis will be located close to the upper flange in cross-
sections experiencing positive bending moments. Therefore, the bottom flange will often 
be the critical part of the steel girder, together with the details attached to the bottom 
flanges that have to be checked for fatigue. The relative influence on the stress level, 
from the joint gaps, is small in the bottom flange and high in the upper flange, which is 
beneficial from this point of view. 

A.3 Concrete element design 

The concrete element design is performed in line with EN 1992-1-1 (2004), EN 1992-
2 (2005) and EN 1994-2 (2005). This section presents some examples of design solutions 
and procedures used so far. 

The shear keys are critical details in the design of the elements. This guidance describes 
one type of shear key, which has been tested and evaluated with varying reinforcement 
layouts. This type of shear key, shown in Figure A.3a, has been proven suitable for 
bridges with girder spacing ≤ 5.0 m. The shear keys are designed as a series of overlapping 
male-female connections, always with one large shear key distributing the load in one 
direction, and two smaller shear keys distributing the load in the other direction, see 
Figure A.3b. 
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Figure A.3 Tested type of shear key, (a) reinforcement and geometry, (b) photo of a dry joint 

The dimensions of the elements will vary due to different: road profiles, design traditions 
in different countries, distance between the girders, reinforcement layout in the elements 
etc. This implies that the shear key design will vary as well. This section should be treated 
as a summary of recommendations and advices of how shear keys can be designed, rather 
than rules.  

The presented recommendations are valid for the type of shear key and reinforcement 
layout shown in Figure A.3. It should be noted that an optimization of the reinforcement 
layout has not been within the scope of the study that this design guidance is based on. 

A.3.1  Shear key design loads 

The forces transferred by the shear keys, from one element to another, have to be 
determined in the design process. Since the design of the deck slab will vary from one 
bridge to another, it is strongly recommended to perform an individual FE-analysis for 
each bridge, giving the information needed to design the shear keys, the transverse- and 
the longitudinal-reinforcement etc. In an early design stage, a simple model is often 
accurate enough to investigate the force distribution between the elements. 

An example of such a model is presented below for a superstructure with a typical cross-
section of the one-span bridges built so far with this type of prefabricated concrete deck 
elements, see Figure A.4a. The FE-model consists of a series of concrete deck elements, 
modelled as simply supported by the steel girders in the transversal direction, see Figure 
A.4b. In the transverse joints, the elements are connected only in the positions of the 
shear keys, by rigid connection elements. Figure A.4c shows the worst load case for the 
large shear keys, while Table A.1 presents the maximum shear forces transferred by the 
shear keys, when the central element is loaded with the characteristic values (�i = 1.0) 
of the traffic loads LM1 and LM2 from EN 1991-2 (2005). The model indicate a required 
shear key capacity of 180 kN and 120 kN for the large- and the small shear keys, 
respectively. 

(a) 

(b) 
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Figure A.4 (a) Modelled cross-section, (b) FE-model, (c) worst load case for the large shear key  
 

 

Table A.1 Maximum shear forces transferred by the shear keys 

 [kN]               Large shear key           Small shear keys 
      LM1 LM2   LM1 LM2 
Axle loads 2x300 kN   109.8 -   73.6  - 
Axle load  400 kN  - 104.2  - 75,4 
Lane load 1 9.0 kPa  9.5 -  5.5 - 
Lane load n 2.5 kPa   0.2 -   0.1 - 

VSd =1.5 x � =  179.1 156.3  118.8 113.0 
  

[kN] 
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A.3.2  Shear key strength 

Tests have shown that a design model in which the inclined shear reinforcement bars are 
assumed to take the entire load gives results on the safe side. The shear key strength is 
suggested to be estimated in line with equation (A.1), which is a simplified version of the 
formula for inclined shear reinforcement presented in EN 1992-1-1 (2005), equation 
(6.13).  

H���� � I�J(KJ�LMN �   (A.1) 

Where: VRd,s is the shear strength 
   Asw is the cross-sectional area of the shear reinforcement 
   fywd is the design yield strength of the shear reinforcement 

   � is the inclination of the shear reinforcement related to the 
longitudinal axis of the superstructure 

It is important to assure that the reinforcement bars in the shear keys are  positioned 
correctly, to ensure the robustness of the shear transfer. If the shear reinforcement bars 
are positioned with too large concrete cover layers, there is a risk of failures outside the 
shear reinforcement in the concrete cover layer. This risk can be reduced if the work 
tasks within the prefabrication workshop follow a proper control program. It is also 
recommended that the shear reinforcement in the male-female connection are 
overlapping to ensure the robustness. 

A.4  Steel design 

The steel girders are designed according to the general requirements in EN 1994-2 
(2005) and the relevant parts of EN 1993, mainly EN 1993-1-1 (2005) and EN 1993-1-
5 (2006). No specific recommendations are given for the studied type of structure.  
However, it should be noted that the shear stud spacing can results in problems if it is 
not done in a proper way. More about this in the section A.5.2, about production issues. 

A.5  Production and installation issues 

This section summarises the experiences from the manufacturing of test specimens and 
the design and construction of three Swedish single span bridges in which the studied 
prefabrication concept has been utilized. 

A.5.1 Concrete elements 

When dry joints are used, it is essential to ensure that the joint gaps are as tight as possible. 
This is preferably done by using a match-casting technique, where one side of the 
previously cast element is used as formwork for the next element. Figure A.5 shows a 
picture from the production of a deck element to a large-scale test specimen, in which 
the match-casting technique can be seen.  
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Figure A.5 Production of a match-cast concrete deck element for a large-scale test specimen 

Match-casting in combination with individual numbering of the elements, to ensure that 
they are erected in the correct order, has proven to be a successful production technique 
in the bridges built so far. 

In order to assure that the chosen production technique is capable of fulfilling the 
required tolerances, it is recommended to perform a test assembly of the elements in the 
concrete workshop and to measure the initial joint gaps. At this stage, without any 
clamping forces on the elements, the mean values of the gaps have been allowed to be 
1.0 mm, in the bridges built in Sweden so far. The gaps can be measured by using feeler 
gauges. If a feeler gauge of 0.30 mm cannot be pushed into the joint, the joint gap has 
been considered as 0.0 mm. The gaps should be measured at several positions along the 
joint, both from the top and the bottom side. Figure A.6 presents the measurements 
points used in one of the single span bridges that has been built in Sweden. 

 
Figure A.6 Measurement positions for joint gaps 

The positions of the transversal reinforcement bars, in the bottom layer, are crucial to 
avoid collisions with the shear studs at installation. The formwork used to create the 
longitudinal recesses, the in-situ cast channels, can be used as templates for the positioning 
of the transversal reinforcement bars. Additional controls are needed to assure that the 
bars, or the templates, are in the right positions. 

To avoid damages, especially on the shear keys and the joint surfaces, the concrete 
elements should be handled carefully during the transport and the erection. It is strongly 
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recommended to avoid right-angled corners if possible. This can be done by using 
triangular strips (45°) in the corners of the formwork. 

During the erection, the elements are often handled by a crane, see Figure A.7. To ensure 
that the elements are lifted in the pre-determined positions, it is recommended that the 
bridge designer prescribe properly located lifting anchors on the workshop drawings. 

  

Figure A.7 Erection of a prefabricated concrete deck element 

To assure that the joint gaps are as tight as possible, it is recommended that the elements 
are pushed together after the erection of every new element. Different techniques for 
pushing the element together have been tested. Small portable jacks can be supported by 
the shear studs and be used to push the elements together. In short bridges, where the 
steel girders often are cast into the back-walls at the abutment, bolts can be used to pull 
the prefabricated back-walls against the deck elements. This results in a clamping of the 
deck elements, prior to the injection of the in-situ cast channels.  

The joint gaps should also be measured after the prefabricated elements have been pushed 
against each other. At this stage, the gaps can often only be measured from above, since 
it is generally hard to get access to the bottom of the joints under the bridge. After the 
elements have been pushed together, the mean values of the joint gaps are recommended 
to be limited to ≤ 0.40 mm. So far, the maximum gap has been allowed to be 1.5 mm 
locally over a maximum distance of 1.0 m.  

It is hard to perform a good compaction of the concrete in the in-situ cast channels, by 
using concrete vibrators. Therefore, it is recommended to use Self-Compacting Concrete 
(SCC) or other types of concrete suitable for injection in the in-situ cast channels, which 
are filled from above through injection holes. In the real bridges built so far, and also in 
the test specimens, Ø100 mm injection holes have been used with a spacing of 0.6 – 1.2 
m. When the channels are injected it is important to avoid air entrapment. Therefore, in 
addition to the injection holes, air release holes with smaller diameters are recommended, 
Ø16 mm with a spacing of 300 mm have been used successfully. The filling ability of 
the injected concrete should also be established by full-scale tests, prior to the injection 
of the in-situ cast channels. 



Composite bridges 

A10  

A.5.2 Steel girders 

The distance between the shear studs is governed by the spacing of the transverse 
reinforcement bars in the bottom of the prefabricated elements, or vice versa. In the 
bridges constructed so far, the stud spacing has been 150 mm and the shear key depth 
has been 60 mm. In the assembly phase, the new element must be longitudinally displaced 
≥ 60 mm, to pass the shear keys on the former element, see Figure A.8. If the shear stud 
spacing is 150 mm, as well as the spacing of the transverse reinforcement bars (Ø12 mm), 
the tolerances will be about ±22 mm (the rebar ribs taken into account). If possible, it is 
strongly recommended to increase the shear studs spacing and the spacing of the 
transverse reinforcement bars, to increase the tolerances.  

 
Figure A.8 Illustration of the tolerances during the assembly procedure of the deck elements  

The tolerance for the positioning of a single shear stud is recommended to ± 5 mm. 
However, it is also important that the same mistake is not repeated again and again. 
Therefore, the absolute position of the first shear stud in each element should be checked, 
as well as the distance between the first and the last shear stud within an element, see 
Figure A.9. 

 
Figure A.9 Tolerances for the positioning of the shear connectors 

It is strongly recommended to use 3D-models for the design drawings. This enables the 
possibility to perform a virtual preassembly of the structure, to ensure that there are no 
theoretical collisions between the reinforcement bars and the shear studs, in any stage of 
the installation process. 
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The alignment of the steel girders is also very important. However, experiences from real 
bridge projects have shown that there is no idea focusing on the alignment before the 
steel girders are in their final position (after launching/lifting). Laterally adjustable cross 
stays can be used to adjust the positions of the girders. Attachment points for such cross 
stays should be considered in the design stage. To make it easier to align the girders, 
measurement points can be marked already in the workshop. One the bridge site, the 
distances between these points can be measured and used to adjust the girders into the 
right positions. Figure A.10 shows an example of an alignment control program. 
Theoretical distances and a formula to calculate the necessary disp lacement of Girder B 
is presented. It should be noted that the formula is  not general and valid only for the 
specific bridge. 

 
Figure A.10 Example of a control program for the steel girder alignment  

A.6  Waterproofing 

In multi-span bridges, the joint gaps in areas with negative bending moments will 
increase when the bending moment increases. The waterproofing must be capable of 
withstand the local elongation it will be subjected to, without cracking. The joint 
openings can be quite big (1-2 mm) especially near internal supports.  

Based on large-scale test results it is suggested that the joint opening (�j) is estimated by 
equation (A.2). 

56 � 7�89: ;<=�
�9 > ?@ABC"�D:�E@AB > F@G@3 (A.2) 

Mmean  = mean value of the moment distributed over the length of one element 

Wtf  = elastic section modulus at the upper side of the top flange  

eCG  = vertical position of the neutral bending axis with the origin at the steel 
concrete interface, with positive values downwards 

hconc = concrete deck thickness  

Lelem = concrete deck element length  

Ea   = elastic modulus for the structural steel 
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Research on the durability of the waterproofing, at opening deck joints, has been 
performed by researchers at KTH (Stockholm, Sweden), under the lead of Bert Norlin. 
Since the waterproofing is essential for the sustainability of a multi-span bridge of this 
kind, the outcome of the research performed at KTH is summarised in this section. The 
waterproofing durability tests are described in detail in (Möller et al. 2012a). The 
outcomes from these tests resulted in the recommendations presented below. These 
recommendations are directly cited from a section written by Bert Norlin, in Möller et 
al. (2012b). 

“If just one single waterproofing membrane is used, some kind of artificial de-bonding between the 
membrane and concrete as well as between the membrane and asphalt must be present to substantially 
improve the fatigue resistance. The total width of such regions must be about 20 cm. For this solution 
to work it is probably also necessary to artificially control the cracking of the asphalt layer such that 
it is more or less located over the deck joint opening rather than over the edge of the de-bonded 
region. Otherwise, the de-bonding strip cannot prevent the crack from growing into the membrane. 

If two or more water proofing membranes are used the above statement holds but the de-bonded 
regions must increase in width when going from the top towards the concrete surface. Otherwise, the 
de-bonded region will not be able to stop a crack in an upper layer from growing into an underlying 
one. This reasoning holds as long as the cracks are formed and propagates from the top and 
downwards, which is the most likely scenario over an intermediate support of a bridge deck. The 
width increase should not be less than 5 cm, even if these regions can be placed with great accuracy. 

One cannot rely on natural de-bonding between the material layers. De-bonding will not occur, not 
even between the concrete and the membrane, before the asphalt layer cracks right through at the 
deck-to-deck joint. Best practice is to artificially ensure that the asphalt cracks in line with the deck-
to-deck joint such that the already de-bonded region below can stop the crack from propagating into 
the membrane. This can, for instance, be achieved by putting some kind of rubber based product in 
the asphalt layer right above the joint and towards the top membrane, see Figure A.11. In 
combination with mastic asphalt, which in itself is water tight, this rubber can act as a fist seal 
preventing water an dust from penetrating into the de-bonded region below. 

 
Figure A.11  Arrangement of water proofing membranes and de-bonded regions (denoted Db1, 

Db2 and Db3) over a deck-to-deck joint at an intermediate support. 
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The actual de-bonding can be achieved by any practical means. But in order to promote rapid 
assembly and sufficient quality it should preferably be built into the membranes themselves. Here, 
product development in collaboration with some membrane manufacturer might be needed. The 
means used for de-bonding must in all cases ensure that the materials does not stick or bond to each 
other as time passes. 

Mastic asphalt is preferred in contrast to traditional asphalts, as this product in itself is water tight, 
which will effectively localise the water proofing problem to each deck joint. This will also make it 
easier to protect the de-bonded regions as stated above. 

For a joint, produced following the above recommendations, the expected lifetime is more than 2 
million cycles of 2.0 mm joint displacement at -20°C. If the temperature is higher than -20°C, 
the traffic induced joint opening is smaller than 2 mm and/or the de-bonded regions are longer than 
20 cm the number of cycles to failure will be much greater. 

There are two major drawbacks with the above solution. The first is that deliberate de-bonding is 
not allowed in the present regulations of some European countries. It is suspected that the de-bonded 
region may grow in size when for instance passed by heavy vehicles. The second is that water, dust 
and all kinds of pollutions may penetrate down to the membrane as soon as the asphalt cracks. 
Especially the water may increase the de-bonded region if it repeatedly freezes to ice. The first 
problem can be counteracted by using a thicker asphalt layer than usual, and the second by using 
some kind of rubber sealing as described above.” 

The tests indicate that it is possible to design a waterproofing solution that can resists the 
expected joint openings even in low temperatures. The tests also show that this is an area 
for further research and product development. 
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A.7  Design example 

To summarise this design guidance, a brief design example is presented. In order to cover 
most of the design issues that this guidance deals with, a cross-section over an internal 
support is studied. 

Two comparative calculations are briefly presented, to illustrate the differences between 
a bridge with an in-situ cast deck and a corresponding bridge with prefabricated deck 
elements with dry joints. 

Example – Design of a bridge section under negative bending moment 

In this example the Forssjösjön Bridge, a 265 m long five span bridge in Sweden, is 
studied. The bridge was constructed in year 2011 as a conventional composite bridge, 
with an in-situ cast concrete deck. The steel cross-section, illustrated in Figure A.12, is 
a hybrid girder with S460/S420 in the flanges and S355 in the web plates, 

 
Figure A.12 Typical cross-section of the superstructure 

Global analysis 
The stiffness of the superstructure in the support sections (15% out in the spans) are 
modelled as the steel section only. This implies that the support moment will decrease in 
comparison to an in-situ cast deck (�5% in this case), in which the reinforcement area is 
included in the stiffness of the support cross-sections. However, the sectional modulus 
will also decrease (�25% for the upper flange). This results in steel stresses that are far 
higher than the comparable stresses in a bridge with an in-situ cast deck, which implies 
that the bending moment resistance of the steel girders must be increased. 

Cross-sectional resistance 
In the case with the in-situ cast concrete deck, the deck is cast in nine stages, resulting 
in a stepwise-introduced composite action. In the case with a prefabricated deck, the 
total load from the prefabricated deck elements is acting on the non-composite cross-
sections. Since no composite action is assumed in the support sections, moments and 
normal forces from the different loads can just be summed up. In Table A.2 the cross-
sectional forces are summarised for the prefabricated alternative at the internal support 3. 
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Table A.2 Cross-sectional forces at the internal support 3, for the prefabricated alternative 

Section      Characteristic loads   ULS   Dim. Loads 
x = 103.169 m M [MNm] N [MN]   LF   Mdim [MNm] Ndim [MN] 
Steel -2.43 0  1.2  -2.92 0 
Conc. deck -14.23 0  1.2  -17.08 0 
Railing+ walkway -0.40 0  1.2  -0.49 0 
Pavement -3.28 0  1.32  -4.33 0 
Shrinkage -2.74 0  1.2  -3.29 0 
Temp. grad - -2.22 0  0.9  -2.00 0 
Support settl. -0.72 0  1.1  -0.79 0 
LM1 -12.84 0  0  0 0 
Special vehicle -14.44 0  1.5  -21.66 0 
Breaking load -0.01 1.2   0.68   -0.01 0.81 

      -52.6 0.81 
        

In the in-situ cast alternative, 1% longitudinal reinforcement is assumed in the concrete 
deck slab. In order to get a similar utilization ratio in both alternatives, the thickness of 
the steel top-flanges have been increased from 50 mm to 64 mm, in the case with a 
prefabricated deck. Below, the cross-sections in the two alternatives are compared. 
 

Section   ELEM- 
x = 103.169 m Bridge 
web t [mm] 22 
web h [mm] 2386 
b.flange t [mm] 50 
b.flange w [mm] 1000 
t.flange t [mm] 64 
t.flange w [mm] 750 
web.red.     
A [mm2]  -1543 
I [mm4]  -6.3E+05 
CG [mm]   1967 
conc.     
nL or n0    
Aconc [m2]   
I [m4]     
CG [mm]   
eCG [mm]  1264 
Area [mm²] 0.1489 
Ix [mm4]  0.17035 
Wtfl  [m³]  -0.1348 
Ww.t [m³]  -0.1420 
Ww.b [m³]  0.1436 
Wbfl  [m³]   0.1378 

 
�  �tfl  = 396 MPa 
 �bfl  = 387 MPa 

Section   In-situ cast 
x = 103.169 m deck 
web t [mm] 22 
web h [mm] 2400 
b.flange t [mm] 50 
b.flange w [mm] 1000 
t.flange t [mm] 50 
t.flange w [mm] 750 
web.red.     
A [mm2]  -595 
I [mm4]  -3.6E+04 
CG [mm]   1990 
conc.    
nL or n0   100.0 
Aconc [m2]  1.565 
I [m4]   0.0120 
CG [mm]  -195 
eCG [mm]  1200 
Area [mm²] 0.1554 
Ix [mm4]  0.18875 
Wtfl  [m³]  -0.1573 
Ww.t [m³]  -0.1641 
Ww.b [m³]  0.1510 
Wbfl  [m³]   0.1452 

 
�  �tfl  = 395 MPa 
 �bfl  = 379 MPa 
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Joint openings 
In theory, if the concrete deck elements are pushed together after the installation, there 
will be no joint openings due to the weight of the concrete and the steel, since the steel 
girders are pre-cambered for these loads. The loads applied after the injection of the 
channels will however affect the joint openings. 

The joint opening at the internal support 3 are estimated by equation (A.2) in this 
appendix. In the ULS, the maximum joint opening is calculated based on the sum of all 
bending moments, with the exception of the moments caused by the weight of the steel 
and concrete. In the FLS, only the bending moment caused by the fatigue load model 
(FLM) is taken into account. In this case FLM 3 from EN 1991-2 (2005) has been used. 

With the highest point of the concrete surface 350 mm above the top-flange of the steel 
girder, and with an element length of 1.8 m, the following joint openings are calculated. 

Maximum joint opening – ULS 

56�]^_ � `a�
[ 	
ba���
�b	>b	c > ?b�[�Cad	Eb�[� > %\��   = 2.7 mm 

 

Maximum joint opening – SLS 

56�_^_ � `�b
� 	
ba���
�b	>b	c > ?b�[�Cad	Eb�[� > %\�� = 1.8 mm 

 

Maximum joint opening – FLS 

56�e^_ � `�
f 	
ba���
�b	>b	c > ?b�[�Cad	Eb�[� > %\�� = 0.4 mm 

 

The magnitude of the joint openings are of most interest as design criteria for the water 
insulation and the pavement. Fatigue tests, performed at KTH, indicate that the 
waterproofing can be designed to resist at least 2 million cycles, in -20°C, with a 
displacement amplitude of 2.0 mm. If the recommendations presented in section A.6 are 
followed, it should definitely be possible to design a waterproofing that resists the fatigue 
it will be exposed to, during its technical lifetime of approximately 40 years. However, 
it is probably also necessary to define a ULS and SLS criterion, which has not been done 
in the study at KTH. 

Additional steel weight 
If a multi-span composite bridge is designed with prefabricated deck elements with dry 
joints, instead of an in-situ cast deck, it will be necessary to add additional steel to the 
top flanges near the internal supports. For this specific bridge, the total steel weight is 
465 tonnes for the alternative with an in-situ cast deck. This weight has to be increased 
with approximately 21 tonnes if the alternative with prefabricated deck elements with 
dry joints is used instead. 

The positions of the assembly joints in the steel girders are in this example optimized for 
an in-situ cast bridge. A minor reduction of the additional steel, for the prefabricated 
alternative, can be achieved if the joints instead were optimized for the prefabricated 
alternative. 
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Appendix B 

DESIGN GUIDANCE  
STRENGTHENING BY POST-INSTALLATION OF 
COILED SPRING PINS AS SHEAR CONNECTORS 

This appendix summarises the knowledge and research on strengthening by post-
installation of Coiled Spring Pins as shear connectors, by presenting a design guidance. 
The design guidance has been developed by the author within the frame of the European 
RFCS-project PROLIFE, implying that parts of this guidance will also be published in 
future public reports from the PROLIFE-project. 

In the absence of a common European standard for existing bridges, the European design 
codes for new steel and steel-concrete composite structures, Eurocode 3 and 4, have 
been used as the reference codes in this guidance. The author is aware that there might 
be national codes and guidelines that cover this topic on a national level. 

The recommendations in this guidance are limited to strengthening of non-composite 
steel-concrete bridges and to Coiled Spring Pins (CSP) of standard type ISO 8748 – 20 
x 160 – HWK. The letters indicate that the pin is of the type Heavy Duty (H) and made 
out of AISI 6150 Alloy Steel (W) with no surface treatment (K), while the digits represent 
the nominal outer diameter of 20 mm and the length of 160 mm, see Figure B.1.  

 
Figure B.1 Dimensions of the CSP covered by this guidance 
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The design guidance is focused on the shear connection, but it should be highlighted 
that there are several other structural details that need to be checked, to assure that the 
load capacity can be increased when a bridge is strengthened in this way.  

The guidance has been divided into two main subsections: Design issues and Installation 
issues. 

B.1 Design issues 

The suggested design approach, presented below, is based on the research performed so 
far. However, additional research questions have been identified, which implies that 
additional research is needed before utilizing the full potential capacity of the CSPs. The 
areas where further research is needed are highlighted in the text. 

B.1.1 Structural modelling 

Based on the results from a field monitoring and the subsequent analyses, it is 
recommended that the CSP shear connection is modelled as being rigid (Hällmark et al. 
2018b). 

There are, however, some cases when it might be necessary to model the stiffness of the 
shear connection more accurate. Two examples of such cases are presented below. 

Strengthening of a non-composite bridge: 
If CSPs are installed in a non-composite bridge, i.e. in a bridge without connectors 
designed to primary transfer longitudinal shear forces, the connectors can be treated as 
rigid in the ULS, FLS and in many cases also the SLS. However, if there are any SLS 
design criterion that are crucial in the design, for instance a strict deflection criterion with 
almost 100% utilization ratio, it might be necessary to create a structural model that takes 
into account the stiffness of the connectors. This recommendation is given since there 
are no test results available from beam tests at these load levels and since only elastic steel 
strains are allowed in the SLS. Future beam tests can hopefully provide additional 
information about the loads-slip behaviour, showing if this kind of restriction is necessary 
or not.  

Strengthening of an existing shear connection in a composite bridge: 
In the global analysis, the shear connection can be modelled as rigid. However, when 
combining different types of shear connectors, differences in their load-slip properties 
needs to be taken into account, in line with EN 1994-2 (2005) 6.6.1.1 (6). 

If CSPs are installed in order to strengthen an existing shear connection, for instance due 
to insufficient fatigue capacity of the existing welded headed studs, the relative stiffness 
of the different connectors will be essential for the detailed design in SLS and FLS. The 
distribution of the shear force between the CSPs and the existing shear connectors must 
be evaluated on a project specific basis. As an input to such an evaluation, the load-slip 
curves presented in (Hällmark et al. 2018c) can be used for the CSPs. 
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B.1.2  Static strength 

Based on the results from a new push-out-test series by Hällmark et al. (2018c) and from 
previous push-out tests performed by other researchers (Pritchard 1992, Buckby et al. 
1997, Fahleson 2005, Hällmark et al. 2018a), the following recommendation is given for 
estimating the characteristic static strength (PRk) of the studied type of CSP. 

��g � %+� kN/CSP 

if   24 � fc � 45 MPa  

and 20 mm � ts 

The recommendation above is limited to a minimum steel flange thickness (ts) of 20 mm 
and to a compressive cylinder strength of the concrete within the interval of 24-45 MPa. 

For thinner steel flanges, or lower compressive strength of the concrete, it is 
recommended to perform additional project specific tests , since different types of failure 
modes are expected if the steel flanges become too thin or the concrete to weak. For 
higher concrete strengths, the value presented above should be on the safe side and 
possible to use, even if there are no tests confirming this. 

B.1.3  Fatigue strength 

Based on the results from a new fatigue push-out-test series by Hällmark et al. (2018d) 
and from previous fatigue tests performed by other researchers (Pritchard 1992, Buckby 
et al. 1997, Fahleson 2005, Hällmark et al. 2018a), the author recommends that the 
characteristic fatigue strength of the CSPs are estimated as,  

OPQ4 �'%/
 V W
�X�Y)Z1�. (B.1) 
 

or 
 
 12�[
	�4� � \/
/[
	�� �%�[     (from     12�34� � 12�34�) (B.2) 

where N is the design life time expressed as number of cycles related to a constant load 
range, �P. In (B.2), the denotation has been adapted to the format used in EN 1993-1-
9 (2005), implying that the load range has been transformed into a shear stress range, 
�	, using the CSP shear area ACSP = 237 mm2.  
 
This is a conservative design recommendation compared to the previous 
recommendation by Buckby et al. (1997), presented below. 

OPQ4 �'%/
hWhV W
%�Y)Z1� (B.3) 

Future research, containing additional tests and FE-modelling of the tests presented in 
(Hällmark 2018d), might provide additional information about the CSP fatigue strength, 
which makes it possible to develop the fatigue design criterion further. 
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B.1.4 Vertical separation - uplift 

A vertical separation, uplift of the concrete deck slab, at the steel-concrete interface is 
prevented by frictional forces developed at the surfaces between the CSPs and the 
surrounding concrete and steel, and also by permanent vertical forces from the weight of 
the bridge deck and temporary vertical forces from the traffic loads. The curvature of the 
beam will also have a positive influence to reduce separation. However, clause 6.6.1.1 
(7) in EN 1994-2 (2005) might not be regarded as fulfilled if not frictional forces and/or 
external forces are taken into account. However, as shown in push-out tests, the CSPs 
are very ductile even after a separation has occurred (Hällmark et al. 2018c). If this fact 
is combined with the observation, presented in (Hällmark et al. 2018b), that there are no 
uplift of importance in the monitored structure at moderate load levels (FLS level), the 
author strongly believe that CSPs can be used without jeopardizing the robustness of the 
strengthened structure. The potential separation problem should be dependent on the 
slip and the inclination of the shear connector and the concrete compressive strut, see 
Hällmark et al. (2018c). If the slips are kept at moderate levels, the uplift forces would 
also be kept low. But until the potential uplift has been investigated further, the 
recommendation is to utilize only the elastic capacity of a composite beam with post-
installed CSPs and to design the shear connection for full composite action. This 
restriction is on a general level and aims to increase the safety margin of the strengthened 
structure, until the potential separation has been investigated more deeply. 

Future beam tests are planned to be performed, to investigate if uplift will be a problem 
in the ULS. Alternatively, just an irreversible but harmless deformation that occurs when 
other parts are yielding and crushing, i.e. when the structure is loaded to a point where 
it has to be replaced or undergo extensive repairs.  

B.1.5 Design recommendations vs. EN 1994-2 

In this section, recommendations for the design of CSP-shear-connections are presented 
as comments to the general “Basis of design” for shear connectors presented in EN 1994-
2 (2005) 6.6.1.1. If there are no specific recommendation given for CSPs in this guidance, 
the general requirements are assumed valid also for the CSPs. 

Comments – design of CSP-shear-connections in line with EN 1994-2 section 6.6.1.1: 
6.6 Shear Connection 
  6.6.1 General 
  6.6.1.1Basis of design 

(1)  – 
(2)  – 
(3)  Sufficient deformation capacity has been verified by push-out tests.  
(4)  CSPs can be treated as ductile connectors. 
(5)  The characteristic slip capacity exceeds 6 mm. 
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(6) This clause is very important if a bridge with an already existing shear 
connection is strengthened with additional shear connectors (CSPs). The 
load-slip curves for CSPs presented in (Hällmark et al. 2018c) can be used as 
input to the project specific comparison to the existing shear connectors. 

(7)  Separation of the concrete element from the steel element is prevented by 
frictional forces developed at the surfaces between the CSPs and the 
surrounding concrete and steel. The permanent vertical forces from the 
weight of the bridge deck and temporary vertical forces from the traffic loads 
are also contributing to the forces that counteracts the uplift. The curvature 
of the beam will also have a positive influence to reduce separation. However, 
this clause cannot be treated as fulfilled if not frictional forces and/or external 
forces are taken into account. However, the CSPs are very ductile even after 
a separation has occurred, as shown in static push-out tests, and there are no 
signs of concrete uplift in the monitored structure at moderate load levels. 
Before the potential uplift has been investigated further, it is recommended 
to utilize only the elastic capacity of a composite beam with post-installed 
CSPs and to design the shear connection for full composite action.  

(8) Future beam tests will show if there is a need of anchoring devices in order 
to utilize the full potential of the CSPs, see (7). 

(9) – 
(10) – 
(11) – 
(12) The design recommendations for the CSP shear connectors are based on the 

tests and the conceptual model presented in (Hällmark et al. 2012c). If the 
suggested design recommendations are followed, this clause can be treated as 
fulfilled. 

(13) – 
 

B.2 Installation issues 

The installation procedure includes generally five steps: (1) drilling through the steel top 
flanges, (2) drilling into the concrete, (3) tolerances measurements, (4) jacking of the CSP 
into the hole, and (5) sealing of the hole and restoring of the corrosion protection. These 
steps are illustrated in Figure B.2. 

 
Figure B.2 Schematic illustration of the installation procedure 
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Prior to the installation, some important decisions must be made about how to deal with 
the risk of collisions with reinforcement bars in the bottom of the concrete deck slab and 
the risk of exceeding the hole tolerances etc. 

B.2.1 CSP positions 

The position of the post-installed CSPs are adapted to the conditions in the existing 
bridge. Typical factors that need to be considered are: 

- location of the transversal reinforcement  
- location of the longitudinal reinforcement 
- location of the CSPs due to design requirements in EN 1993-1-8 & EN 1994-2  

Recommendations of how to deal with these factors are summarised below. 

Location of the transversal reinforcement 
To perform the post-installation of the CSPs, it is necessary to drill into the existing 
reinforced concrete deck slab. The holes need to pass the horizontal bottom layers of 
reinforcement, both the transversal and the longitudinal, but will in the general case be 
ended before they reach the reinforcement bars in the top layers. If no actions are taken 
to locate the reinforcement bars, the drilling will most likely cut some of the transversal 
reinforcement bars apart. These bars are mainly needed to distribute the shear forces to 
the concrete deck slab, since the main transversal moments are negative above the steel 
girder, implying that the bottom part of the deck slab is in compression in the transversal 
direction. However, since there are positive transversal moments between the girders, it 
must be assured that sufficient anchorage lengths are provided if the reinforcement bars 
are utilized in the design. 

Two different approaches, of how to deal with the risk of collisions between the CSP-
holes and the transversal reinforcement bars, are presented in the flow chart in Figure 
B.3.  

For both approached, the input parameter is the distance between the transversal 
reinforcement bars, which governs the longitudinal distance between the CSP. The 
distance between the bars can be obtained either from the existing drawings or from 
sample measurement on selected sections along the bridge. The sample measurement can 
be performed from below the bridge deck with a cover meter or some other equipment 
that can indicate the positions of the reinforcement bars.  

In the design of the strengthening work, the bridge designer can either state that the 
location of the transversal reinforcement bars needs to be established by measurements 
or specify the number of nearby reinforcement bars that are allowed to be cut apart, 
without affecting the structural capacity. The latter implies that the bridge designer 
establish a requirement that is transferred into the drilling control program, which is the 
governing document for the drilling operator. The drilling operation can continue as 
long as the requirement is fulfilled. If not, the drilling process needs to be stopped and 
the bridge designer needs to be contacted for further investigations . 
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Figure B.3 Flow chart for the CSP-positions in relation to the transversal reinforcement 
 

If measurements of the positions of the reinforcement bars are presumed, the 
measurements should be performed as close to the steel upper flange as possible, i.e. as 
close as possible to the drilling position. The measurements can be performed with a 
cover meter, Ground-Penetrating Radar (GPR) or other suitable equipment. If there is 
a collision between a hole and a reinforcement bar, despite the measurements, the reason 
for the collision should be evaluated and the bridge designer contacted for further 
investigations.  

The design of the strengthening must always be done in a way that ensures that the 
structural capacity and the effect of the strengthening, is not affected by a loss of a single 
reinforcement bar. If this is not the case, another strengthening method should be 
considered as a supplement, or replacement, to strengthening by post-installed shear 
connectors. 
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Location of the longitudinal reinforcement 
The positions of the longitudinal reinforcement bars above the steel girder are hard to 
establish by measurements, due to the steel girder top flange. The theoretical position 
taken from drawings of the existing bridge can be used as a first assumption when the 
positions of the post-installed CSPs are decided. However, the bridge designer must 
either establish at least a second alternative position of the connectors in the transversal 
direction, or ensure that the structural capacity will not be affected by the loss of the 
affected reinforcement bars. Repeated collisions with the reinforcement bars should be 
avoided if possible, since this result in an additional wear of the concrete diamond core 
drill, which is used in this stage of the drilling operation. 

Location – design requirements 
The European design code for composite steel-concrete bridges EN 1994-2 (2005) 
specifies the general design requirements for the location of the shear connectors in 
section 6.6. These requirements must be complemented by the requirements for 
positioning of holes for bolts and rivets, given by EN 1993-1-8 (2005). This is necessary 
since the CSP connection is quite similar to riveted- or bearing type bolt-connections, 
in the aspect of potential failures in the connecting steel plate. 

Figure B.4 and Table B.1 summarise some of the important parameters that need to be 
taken into account when deciding the location of the CSPs. The denotations are based 
on EN 1993-1-8 (2005), which implies that some denotations deviates from those in EN 
1994-2 (2005). 

 
Figure B.4 Definition of important parameters for CSP shear connections 
 

Table B.1 Design requirements for some of the important CSP location parameters 

Parameters EN 1993-1-8 (2005) - Table 3.3 EN 1994-2 (2005) - 6.6 

    Min Max Min Max 

p1 Longitudinal spacing 2.2d - 5d see 6.6.5.5 

p2 Transversal spacing 2.4d - 2.5d - 

e1 End distance 1.2d - see 6.6.5.5 see 6.6.5.5 

e2 Edge distance 1.2d - 35 mm see 6.6.5.5 
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The longitudinal distance between the shear connectors (p1) and the transversal distance 
(p2) are governed by the requirements in EN 1994-2 (2005). In the absence of a large 
database of test results on CSPs, the requirements for headed stud connectors in section 
6.6.5.7 (4) is suggested to be used also for CSPs. The same goes for the end distance (e1) 
and the edge distance (e2). For the latter (e2), a fixed value (35 mm) that is based on the 
requirement for a welded connector is given. The requirement implies that the distance 
between the edge of the connector and the edge of the steel plate should not be less than 
25 mm, which gives e2 =35 mm for a CSP with Ø = 20 mm. It can be discussed whether 
this requirement is relevant, or not, for a pin connection, but in the absence of additional 
information it is kept as a recommendation also for CSPs.  

From Table B.1 it can be noted that the requirements in EN 1993-1-8 (2005) will not 
be governing the design, if the requirements in EN 1994-2 (2005) are followed. 

In addition to the design requirements, the locations of the connectors are also governed 
by project specific execution requirements. These requirements are often related to the 
space needed for the drilling equipment. One such an example is the free distance 
between the web plate and the nearest holes, S. This parameter must be checked against 
the dimensions of the accessible drilling equipment. The requirement of anchoring the 
drilling equipment, upside down, might also affect the positioning of the holes. Different 
types of anchoring devices (magnetic, vacuum plate, mechanic etc.) have different 
requirements related to the surface they are connected to. If needed, a project specific 
drilling rig can be used, even though the use of such a rig is related to some development 
and manufacturing costs. 

From an installation point of view, it is often preferable to locate all post-installed 
connectors on one side of the steel web-plate, if possible. This unsymmetrical shear 
transfer will cause a bending moment acting on the steel girder in the week direction. 
However, this moment will be counteracted by transversal force couples in the CSPs, 
over a long distance, which often are negligible. 

B.2.2 Precision drilling 

Based on the drilling experiences from real strengthening projects and the manufacturing 
of test specimens, it is recommended to use hole tolerances of 19.85 – 20.25 mm 
combined with a requirement of a relative hole diameter difference of maximum 0.1 
mm, between the hole in the steel- and the concrete-part. These tolerances might be 
demanding for the drilling operator, but have been proven feasible.  

The wearing down of the bits can be a significant cost factor since the required tolerances 
are very tight. It is recommended to start the drilling with a cutting drill bit, and stop just 
before the steel-concrete interface is reached. For the remaining part of the drilling, it is 
recommended to use a diamond core drill. 

The drilling procedure should be followed by a control of the hole diameter, in both the 
steel- and the concrete-part, to ensure that the holes are within the tolerances. If the 
tolerances are exceeded, the hole should be abandoned and a new nearby hole should be 
drilled in an alternative position provided by the designer of the strengthening. 
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B.2.3 Jacking 

Based on the experiences from real strengthening projects and the manufacturing of test 
specimens, it is recommended to start the installation of the CSPs without any use of 
lubricant. However, if the magnitude of the installation force becomes  too big, for the 
jack or for the supporting bottom flange, tests have shown that lubricants can be used 
without jeopardizing the load capacity of the connectors. Suitable lubricants can be 
chosen on a case-to-case basis, depending of the requirements for the following sealing 
and painting works. 

Experiences shows that the magnitude of the jacking force can vary a lot. The author 
recommends that the supports positions of the jacks are checked for a force of at least 
250 kN, even though the installation force will probably be closer to 100 kN. 

B.2.4 Corrosion protection 

Based on the experiences so far, it is recommended to close the holes to prevent air and 
moisture ingress and to apply a suitable corrosion protection at top of the sealing. 

A suitable corrosion protection system has to be chosen on a case-to-case basis, since the 
existing corrosion protection system will be an object specific condition. However, the 
compatibility between the corrosion protection system, the sealing material and any 
lubricants must be ensured, to avoid future adhesion problems. 

B.2.5 Example of recommended installation requirements and methods 

Based on the knowledge available, the following example is provided to illustrate how 
the recommended installation requirements can be used in the drawings, control 
programs, working instructions etc. 

Conditions: Composite action is created in a non-composite steel concrete bridge 
by the installation of CSP 20x160 HWK, ISO 8748 (2007). 

   ØCSP 20 mm (20.40-21.00 prior to installation) 
   LCSP  160 mm  
   H = Heavy Duty,   W = Alloy steel,   K = Plain, Oiled 

Installation requirements 
The bridge designer provides drawings and control programs in which the following 
information need to be presented: 

- Planned position of the CSPs 
- Alternative position of the CSPs, i.e. Plan B in case of collisions with reinforce-

ment bars, exceeded tolerances etc. 
- Drilling specification in terms of diameter, depth and corresponding tolerances  
- Control frequency (the recommendation is to check every hole)  

Some of the important dimensions are presented in Figure B.5 together with the 
corresponding recommendations. 
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Recommendations: 

p1 should equal the theoretical distance 
 between the transversal rebars (sr) 

Øhole tolerances 19.85-20.25 mm 

DX1 1-2 mm to enable a levelled surface 
 after the sealing of the hole 

DX2 5 mm to ensure that the CSP can be 
 pushed to the specified depth 

Information that needs to be provided: 

Specify the sealing material and the 
execution, for instance: 

“2-compoent epoxy mortar (that can be coated),  
shear strength > 20 MPa in hardened condition”  

“The epoxy mortar is levelled with the bottom of 
the steel top flange and covered with a suitable 
corrosion protection system for the specific bridge.”  

“Suitable corrosion protection system:  

---object specific conditions---“  

Figure B.5 Recommendations for some of the important installation parameters  

Installation methods 
The suitable installation method can vary a lot between different bridges. However, it is 
often preferable if the post-installed CSPs are located only on one side of the steel web-
plates. This enables an installation procedure where access to the steel top-flange is 
needed from just one side of the web plate. Two examples of such installation procedures, 
alternative (a) and (b), are illustrated in Figure B.6. If there is a need to install CSPs from 
both sides of the web plates, alternative (c) in Figure B.6 can be considered. If it is possible 
to get access to the ground below the bridge, it can also be considered to perform the 
installation works from the ground, in a boom lift or on temporary working platforms. 

 
Figure B.6 Examples of possible installation methods 
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It is recommended to spend some time on the choice of the installation method, and an 
optimization of it, since the strengthening technique with CSPs is labour intensive and 
the majority of the costs are related to the hours spent on the installation on site.  

 

 
 



Published in: 

Structural Engineering International, 

19(1), pp. 69-78, February 2009 

 

 

 

 

PAPER I 

Prefabricated Bridge Construction across 
Europe and America 

Robert Hällmark, Harry White and Peter Collin 
 





Prefabricated Bridge Construction
across Europe and America
Robert Hällmark1; Harry White2; and Peter Collin3

Abstract: Determining the most efficient and economical way to build a new or replacement bridge is not as straightforward a process as it
once was. The total cost of a bridge project is not limited to the amount spent on concrete, steel, and labor. Construction activities disrupt the
typical flow of traffic around the project and results in additional costs to the public in the form of longer wait times, additional mileage
traveled to get around the work zone, or business lost attributable to customers avoiding the construction. The risk of injury to workers
because of traffic interactions or construction activities increase with each hour spent at the construction site. Finding a way to shorten
the time spent on the jobsite is beneficial to the contractor, the owner, and the traveling public. Prefabricating certain bridge elements reduces
the time spent at the construction site and reduces the effects on the road users and the surrounding community. For example, steel beams with
composite concrete decks reduce the construction time over cast-in-place concrete superstructures. In some instances, entire structures have
been fabricated off-site under strict environmental and quality controls and then shipped to the site and erected in a matter of days instead
of months. The total cost of using prefabricated bridge elements (PBE) depends greatly on the scale of the prefabrication. The more that
prefabrication is used, the lower the costs. Even under limited use, however, prefabrication is usually comparable to traditional construction
techniques. However, when durability and user costs are taken into account, the overall cost may be significantly less than traditional piece-
by-piece construction. To improve the competitiveness of prefabricated composite bridges, a European research and development project,
ELEM RFSR-CT-2008-00039, was started in 2008. The overall objective of the project is to make prefabricated bridges more competitive
through development of new cost-effective, time-efficient, and sustainable bridge structures. The project has started with a knowledge
extension, in the form of the workshop on “Composite Bridges with Prefabricated Deck Elements.” This workshop was held in Stockholm,
Sweden, in March 2009 to share the knowledge and experience gained by agencies around the globe. During the workshop, experiences
from Europe and the United States were presented in an effort to promote the use of accelerated bridge construction (ABC) and prefabricated
bridge elements. DOI: 10.1061/(ASCE)SC.1943-5576.0000116. © 2012 American Society of Civil Engineers.
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Introduction

Congestion is a growing problem in urban areas across the globe.
The mobility needs of an increasing population demand that new
roads and bridges be built even while existing infrastructure is
maintained, widened, or reconstructed. Therefore, the total cost
of a bridge or roadway project is not limited to the amount spent
on concrete, steel, and labor: user costs must be considered.

Transportation construction, especially reconstruction of an
existing roadway, disrupts the typical flow of traffic around the
project area and results in additional user costs to the public in
the form of longer wait times, additional mileage traveled to get
around the work zone, inefficient movement of goods and services,
and business lost attributable to customers staying away from the
construction.

In recent years, transportation agencies around the globe have
begun to use accelerated construction techniques (ACT) that incor-
porate prefabricated bridge elements (PBE). Prefabricating certain
bridge elements reduces the time spent at the construction site
and reduces the effects on the road users and the surrounding
community.

For example, steel beams with composite concrete decks
reduce the construction time over cast-in-place concrete structures.
Additional time savings can be achieved by prefabricating the
riding deck and the substructure. In some instances, entire struc-
tures have been fabricated off-site under strict environmental and
quality controls. The fabricated components are then shipped to the
site and erected in a matter of days instead of months.

Unfortunately, road user costs are often neglected when compar-
ing design alternatives. The total expense of using a prefabricated
bridge is usually comparable to traditional construction techniques.
However, the overall cost may be significantly less than traditional
construction when durability and user costs are taken into account
(Culmo 2009). Even where there are advantages to using prefab-
rication, typical construction techniques are still often used out of
familiarity and habit.

In some countries, prefabrication seems to be gaining momen-
tum (Culmo 2009; Seidl 2009), but it is far from a common
procedure everywhere. The workshop on Composite Bridges with
Prefabricated Deck Elements was held in Stockholm, Sweden, in
March 2009 to share the knowledge and experiences from Europe
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and the United States concerning prefabricated bridge elements
(PBE).

Costs of Bridges Using Prefabricated Bridge
Elements

When looking at costs, it is important to consider not only the initial
costs of a structure, which consist of the monetary cost of the
materials and labor required to design and construct the structure,
but also the societal costs associated with the construction noise
and traffic disruption A U.S. study (Ralls 2008) states that, for
agencies that use prefabrication infrequently, the initial cost of a
structure built using PBE is slightly higher than for traditional
piecemeal construction procedures. However, it is the overall, or
life-cycle, costs of PBE structures that must be compared with
traditional construction to determine which provides the best
value.

A cost-benefit analysis (Degerman 2002) of a single-span rail-
way crossing bridge in Norrfors, Sweden, that used PBE showed
a dramatic positive effect on cost and schedule. The cost to prefab-
ricate the bridge was presumed by the designers to be higher than
the cost to cast the concrete deck on-site. However, a bidding
contractor indicated that the prefabricated deck was actually less
expensive, as the additional costs attributable to prefabrication is
overcome by the savings achieved by eliminating formwork and
other activities required when building a bridge over an operating
railway.

Time spent on-site often causes disturbance of the local traffic
patterns. Prefabrication can be used to shorten this time consider-
ably, which indicates that the delay-related road user costs would be
reduced. A study of a Swedish road bridge (Nilsson 2001), called
the Rokan Bridge, compared the cost of constructing a prefabri-
cated composite bridge, a conventional composite bridge with a
temporary detour bridge, and a conventional composite bridge with
the traffic directed to the nearest bypass roads. The conclusion from
the study was that the most economical alternative, from a societal
perspective, was to construct a prefabricated bridge and eliminate
the need for the long-term detours.

Agencies that use prefabrication more consistently find that
project bid prices are in line with, or sometimes lower than, tradi-
tional construction as contractors become more familiar with the
methods. Once the prefabricated elements, connection details,
construction procedures, and other details are standardized and
become more familiar, prefabricated bridges should consistently
result in lower initial construction costs and produce higher-quality
final products.

To capitalize and on this theory, the Massachusetts Dept. of
Transportation (MassDOT) has begun to bundle multiple acceler-
ated bridge construction (ABC) projects along a travel corridor
into a single contract (Commonwealth of Massachusetts 2010).
This way, the designs on similar projects can be produced more
efficiently and the construction methods become repetitive.
Bundled design projects, as opposed to having separate contracts
for each project, save procurement time and take advantage of the
contractor’s progress along the learning curve of ABC projects.
MassDOT has already solicited bids on 13 bundled contracts that
will address repairs to several hundred substructures and bridge
decks, primarily located on interstate highways and major arterials
across the commonwealth.

United States—Accelerated Bridge Construction

Accelerated bridge construction can be defined as “building the
bridge first before setting up the traffic control cones, and then
move it quickly into place, like in hours or a weekend.” (Mistry
2008). Different prefabrication concepts have been used in the
United States. The prefabrication level varies from prefabricated
components in the superstructure to totally prefabricated bridges.
A variety of design solutions have been proposed and tested during
the years. The Federal Highways Administration (FHWA) publica-
tion titled Connection Details for Prefabricated Bridge Elements
and Systems outlines the state of practice in the United States
for ABC (FHWA 2009). The publication breaks down the details
into three levels. Level 1 is for details that have become standard
practice in at least one agency. Level 2 details have been used once
and found to be practical to construct. Level 3 details are conceptual
or experimental and have not been placed in field service. The
Federal Highway Administration has also prepared two documents
to assist decision makers on implementing ABC technologies in
bridge projects.

The Utah Dept. of Transportation (UDOT) is just one example
of a U.S. agency that believes accelerated bridge construction is the
future, and it intends to include this concept in all future bridge
projects. So far, UDOT has constructed bridges with precast
deck panels, precast abutments, and precast approach slabs, and it
has moved entire superstructures into place using self-propelled
modular transports (SPMT) (UDOT 2004).

Prefabricated Bridge Girders and Decks

Prefabricated steel or prestressed concrete girders are the over-
whelming choice in the United States and cast-in-place concrete
girders are very rare. Prefabricated bridge decks are less commonly
used, but are typically made of prestressed concrete panels,
although there has been limited use of orthotropic decks, prefab-
ricated aluminum decks, and fiber reinforced polymer (FRP)
panels.

The prefabricated deck elements are almost always designed
to provide composite action between the deck element and the
girders. The composite action between steel girders and precast
deck elements is primarily achieved by welded shear studs.

Fig. 1. Composite connection (FHWA 2009)
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Composite action between prestressed concrete girders and deck
elements can also be achieved by using headed studs cast into
girder, as well as extended reinforcement. The prefabricated deck
elements can either be made with full thickness pockets or with
blind pockets with grouting ports, as shown in Fig. 1. There has
been a tremendous amount of research in the area of prefabricated
decks and their associated connections.

The design of the transverse joint between precast panels
varies significantly between U.S. transportation agencies. Many
states do not use waterproofing membranes and prefer to apply
posttensioning force to the panels to ensure a crack free deck.
Non-post-tensioned transverse joints are also used. For example,
the bridge over Live Oak Creek in Texas uses blind pocket details
with dowel bar connections at the joints and no posttensioning, as
shown in Fig. 2. This solution works best on single spans where the
deck is always in compression, but it has also been used in multi-
span bridges where the areas over the piers are in tension.

Recently, the New York State Dept. of Transportation has
developed a detail that uses full width precast Portland cement
concrete panels that are connected using ultra-high-performance
concrete (UHPC), as shown in Fig. 3. UHPC has compressive
strengths exceeding 30 ksi (200 MPa) and postcracking tensile
strengths of 1.5 ksi (10 MPa) while simultaneously being nearly
impenetrable to chloride ions (FHWA 2010). Given these excep-
tional properties, composite action can be obtained using only
3-in. (75-mm)-tall shear studs. This eliminates possible interference
between the more traditional 6-in.-tall shear studs and the trans-
verse reinforcement. Also, the high postcracking tensile capacity
indicates that the costs and time involved in posttensioning are
not necessary to assure water tightness, even in areas of negative,
or hogging, moment.

Prefabricated Superstructures

In 2004, a U.S. transportation team conducted an international
scan to gather worldwide information about prefabricated bridge
elements and systems (FHWA 2005). One of the top implementa-
tion recommendations was to introduce the concept of completely
assembling bridge components off-site and then moving them into
final position using different movement systems.

Self-propelled modular transports (SPMT), and similar types
of vehicles, enable the superstructure to be prefabricated in pieces
that weigh up to several thousand tons and are transported to the
construction site for a rapid installation. The build-and-slide-into-
place concept of building bridges has started to gain ground in the
United States, and it has been used successfully by several
agencies. For example, the Graves Avenue Bridge in Florida was

Fig. 2. Transverse connection at Live Oak Creek Bridge, Texas (FHWA 2009)

Fig. 3. Connection detail of precast panel and steel girder using UHPC
(Reprinted with permission from NYSDOT)

Fig. 4. SPMT transportation of 4500 South Bridge, Utah (Reprinted
with permission from Mammoet USA South, Inc.)

Fig. 5. Grouted reinforcing splice-sleeve connector (Reprinted with
permission from Splice Sleeve North America, Inc.)
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replaced in 2006 using SPMTs to remove the old bridge and install
the new bridge. The new spans were built alongside the existing
bridge to avoid traffic disturbance. The 59-ft (18-m)-wide super-
structure had a span of 144 ft (44 m) and a weight of 1,430 tons
(1,300 metric tons). A similar procedure was used in Utah when in
October 2007 the single-span superstructure of the 4500 South
Bridge, which weighed 1,650 tons (1,500 metric tons) and had
a longitudinal inclination of 10%, was replaced in only 53 h, as
can be seen in Fig. 4.

Complete Bridge Prefabrication

Prefabricated substructures are not common in the United States,
although the concept has been used and is gaining in popularity.
One method of prefabrication is to precast segments of the piers,
abutments, walls, etc. at an off-site fabrication facility. Splice-
sleeve connectors, as shown in Fig. 5, are cast into the segment
during fabrication. The segments are then transported to the con-
struction site, where they are rapidly assembled. The segments are

Fig. 6. Prefabricated substructures (FHWA 2009)

Fig. 7. VFT-bridge cross section (Reprinted with permission from Seidl and Braun 2009)
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rigidly connected together by grouting the overlapping reinforcing
bars within the splice-sleeve connector. There are many potential
uses for prefabricated substructures with these connections, as
can be seen in Fig. 6. Combined with prefabricated superstructures,
it is possible to achieve complete bridge prefabrication.

Germany—Prefabricated Deck

In Germany, as well as many other countries, cast-in-place concrete
decks are almost obligatory, and prefabricated decks are rare
exceptions. However, prefabricated composite girders have begun
to gain ground. A new construction method, called VFT (Verbund-
fertigtträger, a pre-fabricated composite girder), has been devel-
oped to achieve a high level of prefabrication and, therefore,
shorten the on-site construction time. The VFT construction
method indicates that composite steel girders are prefabricated with
precast partial depth slabs, as shown in Figs. 7 and 8. This method
has been developed in Germany and tested on railway overpass
bridges in Austria. (Seidl 2009; Seidl and Braun 2009)

Prefabricated full-depth slabs have also been tested in Germany.
The Bahretal viaduct is an example of such a bridge. It is a six-span
bridge with a length of 1,155 ft. (352 m). The composite superstruc-
ture is made of a steel box girder with transversal cantilever cross
beams every fourth meter; see Fig. 9. Precast deck slabs, which are
almost square shaped, are placed in the cantilever portion of the
superstructure. Fresh concrete is cast between the precast elements

in the longitudinal direction of the bridge. The concrete deck on top
of the upper flange of the box girder is also cast in place.

France—Prefabricated Decks

In France, bridges with prefabricated deck slab elements have been
used for quite a long time. Two kind of transverse joints that have
been used are match-cast joints and reinforced joints. Several
bridges have been built using one of these two joints.

The first composite bridges with dry joints were erected in 1988
in Manosque on Escota Highway A51. These bridges were the first
two built with the technique of prestress assembling of elements
with carefully fitted keys in the joint faces that are simply glued
to one another. The longest bridge was a four-span twin girder
bridge with a length of 160 m and a maximum span of slightly
more than 50 m. A detailed inspection carried out in 1995 showed
no sign of cross-cracking of the slab element. Later inspections
gave the same results, with the joints seeming to perform well
(Berthellemy 2001, 2009).

A more recently used technique of dry joints is a system utlizing
high-strength concrete. Because the deck is precast, high-strength
concrete can be used without getting problems with large shrink-
age. The durability of the slab will be better in many aspects, for
example, better anticorrosion protection and better fatigue durabil-
ity, because the prestressed concrete will remain in compression.
The building process, as illustrated in Fig. 10, typically proceeds
as follows (Berthellemy 2001, 2009):
1. Steel girders and match-cast deck elements are prefabricated

off-site.
2. Elements are placed onto the girder, which has no shear studs

at this stage.
3. The precast concrete elements are prestressed together, without

connection to the steel.
4. Shear studs are welded to the steel beam through holes in the

concrete.
5. The holes are filled with fresh concrete, which results in

composite action between the deck and the girder.

United Kingdom (U.K.)—Precast Bridge Deck
Systems

There are several examples of bridges with prefabricated deck
elements in the U.K. Partial-depth precast deck elements have been
used in several bridges all over the U.K. These elements act as a
formwork to the cast-in-place concrete. There are, however, disad-
vantages to the use of these elements. For example, a large amount

Fig. 8. Prefabricated VFT-girder (Reprinted with permission from
Seidl and Braun 2009)

Fig. 9. Bahretal viaduct with prefabricated full-depth slab elements (Reprinted with permission from Seidl 2009)
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Fig. 10. The VINCI assembling process (Reprinted with permission from Berthellemy 2009): (a) elements are lifted and placed on girders without
studs; (b) elements are prestressed; (c) studs are welded through holes in the deck
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of reinforcement is required to achieve a moment capacity large
enough to withstand the crane lift operations. Another disadvant-
age, compared with full-depth elements, is the need of in situ
cast concrete, which reduces the speed of construction. Full-depth
precast concrete decks would provide faster construction, but there
has been some reluctance to use them in the U.K. (Gordon and
May 2007).

In Scotland, much research has been conducted in the field of in
situ cast joints between the precast deck elements, and different
joints have been laboratory tested (Gordon and May 2006).

Finland—Case Study: Laisentianjoki Bridge

In 2006, the Steel Bridges Development Group of Finnish
Constructional Steelwork Association (TRY) started the develop-
ment work for a new type of cantilever composite steel-concrete
bridge. The targets for the study were to develop a composite
bridge according to following criteria:
• Shortest possible installation time;
• Easy to build—Even in difficult conditions; and
• Extensively utilize 3-D design tools.

The outcome of the development project was the Laisentianjoki
bridge, which was built in 2007. The bridge is 24.6 ft (7.5 m) wide
with spans that are 6:5 ftþ 59:0 ftþ 6:5 ft (2:0 mþ 18:0 mþ
2:0 m). The superstructure consists of two main steel girders,
72 ft (22 m) each, and four cross beams. Both steel and concrete
drawings were modeled in 3D, as shown in Fig. 11. The installation
of the main girders and cross beams took approximately 6 h. Cross
beam joints were bolted connections, so there was no need to treat
the surface of the joints on-site. The bridge deck, wing walls, and
end beam were constructed of prefabricated concrete elements. The
panel joints and edge beams were cast in place so that the concrete
and steel elements form a monolithic structure. The placement of
the prefabricated elements was completed in approximately four
days. The installation of the steel reinforcement, casting of the
fresh concrete, and construction of the edge beams, as shown in
Figs. 12 and 13, took eight additional working days (Harju 2009).

Sweden—Deck Elements with Dry Joints

Although Sweden has been building bridges using prefabricated
deck elements for decades (Collin and Johansson 1999), the tech-
niques are still rarely used. Different types of precast deck joints
have been tried from reinforced cast-in-place wet joints to the latest
solution with completely dry joints. The wet joints are similar to
the techniques used in France, Scotland, the United States, etc.
Wet joints require that some of the reinforcement be placed on-site

Fig. 11. 3Dmodel of Laisentianjoki bridge (Reprinted with permission
from Harju 2009)

Fig. 12. Realized erection times for Laisentianjoki bridge (Reprinted with permission from Harju 2009)
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and that fresh concrete will be exposed as a part of the surface
above the joints. Both of these items have associated time and
durability concerns. Field placing reinforcement is yet another
time-consuming procedure that must be done on-site. Any exposed
field placed concrete provides an easier path for water and chlorides
to permeate the concrete deck and begin attacking the reinforcing
bars. Even if a waterproofing membrane is used, any field placed
concrete must have time to mature before the waterproofing mem-
brane can be installed. These are but a few of the items that increase
construction time until the bridge can become operational and
shorten the life of the final structure. To avoid these problems, a
concept with dry joints has been developed in Sweden.

In a dry joint, match-cast overlapping concrete keys are used to
transfer both lateral and vertical forces through the transverse joints
and, thus, prevent vertical displacement between the deck elements
at the joints. These keys are designed as a series of overlapping
male-female connections along the joints, as given in Fig. 14.

The overlapping concrete keys require a longitudinal displacement
of the elements during assembly. The tolerances for the deck slabs can
be demanding because the distance between the transverse reinforce-
ment bars in the slab and the shear studs on the steel girder is rather
short. The required displacement is at least the depth of the overlap-
ping concrete keys plus the tolerances, as indicated in Fig. 15. This
technique has been used successfully on single-span bridges and is

Fig. 13. Construction sequence for the Laisentiajoki bridge (Reprinted with permission from Harju 2009): (a) large diameter steel piles being driven
into the soil; (b) concrete filled piles with bearings in place; (c) steel girders being lifted into place; (d) completed steel structure; (e) prefabricated
concrete end beams and wing walls being placed into final position and cast to the steel girders; (f) erection of prefabricated concrete deck elements;
(g) prefabricated deck placed and awaiting concrete closure pour; (h) composite action is achieved by in situ cast concrete in the open channels
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now developed to be used on multispan bridges. One key factor in
multispan bridges will be the ability of the waterproofing system to
withstand the negative moments and joint openings above an inter-
mediate support.

European Research Project—ELEM

Studies conducted in the United States and Europe show the advan-
tages of prefabrication in the field of bridge construction. To
improve the competitiveness of prefabricated composite bridges,
a European research and development project, ELEM RFSR-
CT-2008-00039, was started in 2008. Four countries are repre-
sented in the research group: Sweden, Germany, Finland, and
Poland. The success of the project relies on the cooperation be-
tween universities, engineering consultants, and steel producers.
The overall objective of the project is to make prefabricated bridges
more competitive through development of new cost-effective,

time-efficient, and sustainable bridge structures. Both wet and
dry joints between the slabs are investigated, with particular atten-
tion given to the opening of dry joints above internal supports. To
avoid leakage, suitable waterproofing and paving systems must be
developed and thoroughly tested in the laboratory. The project also
aims to determine how shear forces transfer through the concrete
keys to each slab, and examine the actual design of the concrete
keys. The project started with a knowledge extension, in form
of an international workshop held in Stockholm, Sweden, in March
2009 and literature studies. The project has also included improve-
ment of the details in element bridges, testing of the solutions in
laboratories, and field monitoring on a one span bridge with dry
joints. All presentations from the Workshop on Composite Bridges
with Prefabricated Deck Elements are published in a Technical
Report available at http://pure.ltu.se/portal/files/3112371/ELEM_
Seminar_4_Mars_2009.pdf.

Fig. 13. (Continued).
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Discussion and Conclusion

High-traffic pressure on an aging infrastructure network gives rise
to demands from the traveling public for construction techniques
that have as little effect on traffic as possible. Conventionally,
bridges are built with cast-in-place concrete decks on girders that
are cast-in-place concrete, precast concrete, or prefabricated
steel. Accelerated construction techniques that use prefabricated
elements lower road user costs by reducing traffic disturbance,
lessening time spent on construction sites, and making the working
environment safer. Prefabrication, especially of concrete decks, is a
spreading methodology worldwide, but examples of prefabricated
piers, abutments, walls and combined steel girders and partial
concrete decks can be found.

Composite action between the girders and prefabricated deck
elements is desirable and typically achieved by casting concrete
into preformed pockets that surround shear studs attached to the
girder flanges. The transverse joints between the elements must
be carefully designed, depending on the demand for water tightness

and ability to transfer loads between elements. Posttensioning of-
fers good performance, but is not required to achieve satisfactory
results. Blind pocket details with dowel bar connections promise
composite action without exposing cast-in-place concrete to the
elements.

The most thrilling and challenging technique is the idea of
using completely dry joints. Overlapping male-female concrete
keys are used to transfer both lateral and vertical forces through
the joints and prevent vertical displacements between the deck
elements. This solution has been used on single-span bridges
but is now being further developed to be used on multispan bridges
as well.
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Summary 

The competitiveness of composite bridges depends on different circumstances 
such as site conditions, local costs of material and staff, and the experience of the 
contractor. Two major advantages of composite bridges compared to concrete 
bridges are the ability of the steel girders to carry the weight of the formwork 
and the fresh concrete, and the shorter construction time which not only saves 
money for the contractor but even more for the road users. A further step is to 
prefabricate not only the steel girders, but also the concrete deck. In this paper, 
a new concept for composite bridges is described, with dry joints between the 
prefabricated concrete elements. The principal of the technique is presented, as 
well as some laboratory test simulating the load situation at an internal support 
in a multi-span bridge. Also, some experiences from an already built single span 
composite bridge with dry joints are presented.

Keywords: composite bridges; prefabricated decks; deck elements; dry joints.

atic and expensive during wintertime 
in countries with a cold climate. 

A further step to improve the com-
petitiveness of composite bridges is to 
prefabricate not only the steel girders, 
but also the concrete deck. The main 
advantages of precast concrete deck 
slabs, compared to conventional bridg-
es with concrete decks cast onsite, are: 

– A less number of man-hours out-
doors at the construction site.

– A shorter construction time onsite, 
giving lower road-user costs.

– The deck elements are cast indoors, 
which is believed to result in high 
quality.

– An improved working environment 
for the workers while erecting form-
work, placing re-bars and casting 
concrete.

It is also clear that some problems need 
to be solved in connection with prefab-
ricated deck slabs in order to make the 
concept cost efficient. This will be dis-
cussed in the current paper, in addition 
to presenting some new solutions.

Deck Elements with Dry Joints

Concrete deck elements acting com-
positely with steel girders have been 
used in many countries around the 
world, e.g. Germany, USA, Russia, 
France and Sweden.2–4 When dealing 
with prefabricated deck elements, two 
main questions should be answered.

(a)  How should the horizontal shear 
forces be transmitted between steel 
and concrete?

(b)  How should the vertical shear 
forces be transmitted between the 
deck elements?

Different technical solutions have been 
used to transfer the vertical shear forc-
es from one deck slab to another. Post-
stressed cables have been used to press 
the elements together. This system 
was, for example, used on a three-span 
bridge in Sweden,2 but it turned out to 
be rather expensive. Many countries 
have used different kinds of reinforced 
site-cast joints in order to transfer the 
forces between the elements. Site-cast 
joints mean, however, that some re-bars 
must be placed onsite, and that fresh 
concrete will be exposed on the surface 
at each joint. These two processes are 
activities which increase the time spent 
at the construction site until the bridge 
can become operational, and should be 
avoided if possible. In order to avoid 
these problems a system with dry joints 
has been developed in Sweden. 

A research and development project 
was carried out at Luleå University of 
Technology during 1998–2001. Within 
the framework of this project, a new 
concept for dry joints between road-
way slab elements was developed. In 
order to transfer both lateral and verti-
cal forces through the transverse joints, 
and to prevent vertical displacements 
between the deck elements at the 
joints, overlapping concrete keys were 
used. These keys were designed as a 
series of overlapping male-female con-
nections along the joints, see Fig. 2.  

The connections between the deck slab 
and the steel girders are achieved at 
the channels above the girders. These 
channels are filled with concrete when 
all elements are in their final positions, 
and the prestressing force has been ap-
plied. Transverse reinforcement bars 
from the bridge deck elements pass 
through the channel between the shear 
studs, which provide the interaction 
between the girders and the concrete 
after the channels have been cast, as 
shown in Fig. 3. 

Introduction

Composite bridges have become more 
popular in many countries.1,2 The cost 
effectiveness of composite bridges is 
governed by different factors such as 
site condition, local cost of material 
and staff, and the experience of the 
contractor. In comparison to concrete 
bridges, one major advantage is that 
steel girders can carry the weight of 
the formwork and the fresh concrete, 
which means that the need for tempo-
rary structures is reduced, as indicated 
in Fig. 1.

In comparison with concrete bridges, 
in most cases less time is spent on the 
construction site if a composite struc-
ture is chosen. A shorter construction 
time saves money not only for the 
contractor but often even more for 
the road user. Unfortunately, the road-
user costs tend to be neglected when 
alternative bridge designs are evalu-
ated and compared.

The concrete deck is usually cast on-
site, which means that the work with 
the formwork, reinforcement as well 
as the casting most often takes places 
outdoors. This work can be problem-

Peer-reviewed by international ex-
perts and accepted for publication 
by SEI Editorial Board

Paper received: January 18, 2008
Paper accepted: October 28, 2008

x334.indd   69 1/31/09   9:25:09 AM



70  Reports Structural Engineering International  1/2009

The theoretical distances between the 
transversal reinforcement bars and the 
shear studs are rather short, and the 
tolerances can be demanding since the 
overlapping concrete keys require a 
longitudinal displacement of the ele-
ments at the assembling. The displace-
ment has to be at least the depth of 
the overlapping concrete keys plus the 
tolerances (see section on Concrete 
Deck Elements and Fig. 19). Limited 
tolerances put higher demands on the 
steel workshop and the manufacturer 
of the concrete deck elements. In a 
bridge project involving prefabricated 
elements, it is a key factor that the de-
manded tolerances are fulfilled, since 
the possibilities of carrying out any last 
minute changes at the construction site 
are limited. 

In the summer of 2000, an old bridge 
across Rokån outside Piteå in Sweden 
(Bridge 1883) was replaced using the 
concept of prefabricated deck slab ele-
ments with dry joints. Since many heav-
ily loaded timber trucks use this bridge, 
the alternative would have been an ex-
pensive bypass road. Instead, a bridge 
with prefabricated retaining walls, gird-
ers, deck slab elements and foundation 
plinths, was chosen. Furthermore, the 
new bridge was temporarily erected 
next to the old bridge, which carried 
the traffic as usual. Then the old bridge 

was removed and the new bridge was 
launched sideways and placed on top of 
the prefabricated supports. After only 
30 hours, the road was reopened and 
the new bridge was commissioned into 
use. Table 1 shows the timetable for the 
project, and Fig. 4 illustrates the work. 

Laboratory Testing of Dry 
Joints

A laboratory testing of a prefabricat-
ed composite bridge was carried out 

and is described in detail in Ref. [5]. 
The aim of the test was to study the 
behaviour of a composite bridge with 
dry joints in the concrete element deck 
that open when negative bending mo-
ment is present. All the tests are made 
on elements with dry joints, and no 
epoxy is used.

The test setup was designed to imitate 
the load situation in an internal sup-
port of a multi-span bridge. The test 
specimen consisted of two steel gird-
ers and four deck slab elements (200 × 

Day Time Activity
Day 1 19:00 The old road was closed.

22:00 The old bridge was removed using two mobile cranes. The 
dismantling work continued until 6 p.m. the next day.

00:00 Old back walls and side wings were removed. The ground 
behind the abutments was excavated. New gravel fill was 
added up to the correct level.  

Day 2 09:00 The prefab plinths were placed on the new gravel bed.

10:00 The lifting contractor temporarily placed the new bridge on 
launching girders, which took 4 hours. Then the bridge was 
launched sideways, which took only 10 minutes.

18:00 Installation of bearings and filling behind the retaining walls.

Day 3 01:00 The new bridge was opened to traffic.

Table 1: Timetable for the bridge replacement across Rokån

Fig. 1: One concrete bridge and one composite bridge during construction

Fig. 2: Prefabricated  deck slab  units with 
dry joints

∅100 mm holes used to
grout the channel Recess in the

channel wall

Shear studs

Transversal
reinforcement

In-situ cast channel

(b) The channel in one slab element used in laboratory
testing

(a) The in-situ cast channel

Fig. 3: Site-cast channel in slab element right above the girders
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2000 × 3600 mm), with dry joints. The 
deck slab elements had been match 
cast, and were mounted on the girders 
in the same order as they had been cast. 

Hydraulic jacks were used to move the 
elements towards each other. A com-
pressive longitudinal lateral force of 
400 kN was applied at the time when 

all the elements were in the right po-
sition and the channels were grouted 
with concrete. The force was then kept 
constant for 2 weeks, during the hard-
ening of the concrete.

The steel girders used were HEA 900 
S460, and the concrete was classified 
as C55/65. The laboratory tests of the 
compression strength gave fcc = 73–75 
MPa. Shear connectors, ∅22 × 100 
mm, introduced the composite action 
between the deck slabs and the steel 
girders. The scale of the test specimen 
was approximately 2 : 3 of a real bridge 
section. An illustration of the test spec-
imen is shown in Fig. 5.

Four types of tests were performed 
on the specimen. In these tests, verti-
cal and lateral displacements were 
monitored on the concrete surface at 
the joint above the internal support, 
as well as tensions in the steel girders 
and the deck slabs. The tests were as 
follows:

(1)  Static load test: Static loads, 
increased in stages of 20 kN up 
to 100 kN, were applied at the 
unsupported end of the steel 
girders, see Fig. 6. 

(2)  Fatigue test of concrete keys: 
Fatigue loads of 5 to 140 kN were 
applied on opposite sides of the 
internal support, Joint 2 in Fig. 
6. This test was performed in 
order to simulate the fatigue of 
the concrete keys, when a vehicle 
wheel crosses the joint at the same 
time as a load is acting in mid-
span giving a negative moment at 
the joint. 

(3)  Fatigue test of shear studs: 
Fatigue loads were applied at the 
unsupported ends of the steel 
girders in order to investigate how 
the shear studs are affected by 
fatigue loads. The test setup was 
the same as in (1), but the applied 
load was cyclic, see Fig. 6.

(4)  Static load test of concrete keys 
until failure: Finally, a test was 
performed to fi nd the failure load 
of the overlapping concrete keys.

Static Load Test—Joint 
Displacements

During the static load test, the element 
gaps as well as the vertical deflections 
at each joint were measured. The ver-
tical deflections were also measured 
under the hydraulic jacks and at the 
supports, in order to make sure that 
the specimen was behaving symmetri-
cally in the test setup. 

(a) Two more deck elements to go

(b) Sideways launch (c) Bridge deck element in final position

Fig. 4: Bridge BD1883 over Rokån
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Section A-A

Fig. 5: Laboratory test specimen (Units: mm)
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Fig. 6: Static load test setup (Units: mm)
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Static loads, FS1 and FS2, were applied 
at the unsupported ends of the steel 
girders, as shown in Fig. 6. Only one of 
the loads was acting at the time, giving 
an unsymmetrical load situation. The 
load was increased in stages of 20 kN, 
from 20 to 100 kN. 

The test results showed that the test 
specimen behaved more or less per-
fectly symmetrically and as predicted. 
A combination of this and the rest of 
the test results from the static load 
test, led to the conclusion that possible 
deviations in the arrangement of sup-

ports and loading rig did not affect the 
results. 

The lateral displacement at Joints 1 
and 3 varied rather identically during 
the whole test. The largest difference 
in lateral displacement between the 
two joints was 0,04 mm, which is about 
20% of the total displacement. The lat-
eral displacements measured at Joint 2 
were, as expected, about twice as large 
as the displacement at Joints 1 and 3 at 
the same time. Figure 7 shows the rela-
tionship between the lateral displace-
ments, at Joint 2, and the static load. 
Only four of the five lines are visible in 
Fig. 7, since the sensors L2 and L3 gave 
the same values. 

Fatigue Test of Overlapping Concrete 
Keys

The fatigue resistance test of the con-
crete keys was conducted in order to 
simulate a situation when a vehicle 
wheel crosses a joint at an internal 
support, at the same time that a load 
is acting in mid-span giving a negative 
bending moment over the support. A 
fatigue load of 5 to 140 kN was applied 
in 1 million cycles with a frequency 
of 1,5 Hz. Two hydraulic jacks, with a 
phase difference of 180°, were placed 
at opposite sides of the joint above 
the internal support. The fatigue loads 
were transferred to the specimen by 
steel plates with a size of 200 × 200 × 
50 mm. The size is less than that rec-
ommended according to EC 1-3 (400 
× 400). The reason for using smaller 
plates was to concentrate the load to 
the overlapping concrete keys.  During 
the whole test, a static load (2 × 125 
kN) was applied at the unsupported 
ends of the steel girders, in order to 
open the joint between the elements, 
as shown in Figs. 8 and 9. 

The test of the overlapping concrete 
keys indicated good results when 
subjected to fatigue load. The lateral 
opening of the joint at the internal 
support remains almost constant dur-
ing the test of 1 million load cycles. The 
joint over the internal support had an 
opening of 1,06 mm due to the fact 
that the specimen was subjected to a 
global negative moment. The increase 
of the lateral opening of the joint, at 
the internal support, due to the fatigue 
load was 0,073 mm. The initial opening 
was determined by using feeler gauges 
before the test started. The average ini-
tial opening of the joint at the internal 
support was 0,15 mm. The total open-
ing in the lateral direction caused by 
the loads was 1,13 mm. For the other 
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Fig. 7: Static load test setup
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Fig. 9: Photography of the test setup (the dry joints have been highlighted)
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two joints the lateral deflection was 
constant throughout the test. 

The relative vertical deflection be-
tween the two concrete slabs on each 
side of the joint at the internal support 
caused by the pulsating loads was ini-
tially 1,24 mm. At the end of the test, 
after one million load cycles, this value 
was 1,42 mm (see Fig. 10). The verti-
cal movement increased by 0,18 mm 
during the fatigue test. This vertical 
movement is a potential problem for 
the waterproofing and the surfacing, 
especially since joints over internal 
supports will experience tensile- and 
shear forces at the same time. 

There were no indications that the con-
crete keys had suffered from fatigue 
decay during the test. No visible cracks 
of the concrete keys or dramatic change 
of behaviour was found during the test. 

Fatigue Test of Shear Studs

In the setup for the fatigue test of the 
shear connectors, the cyclic loads were 

moved from mid-support to the canti-
levering end of the test specimen. The 
test setup was the same as in the static 
load test (1), but the applied load was 
cyclical. The two jacks were synchro-
nised and applied a load of 245 kN in 
one million load cycles. The load re-
sulted, according to a FE-analysis, in a 
shear force of 44 kN on the shear con-
nectors in the region closest to mid-sup-
port. At this stress range, the estimated 
number of cycles until fatigue failure 
are 262 000, according to Ref. [6]. 

For this part of the test, the lateral 
opening of the joints as well as the 
vertical deflection of the cantilever-
ing end of the specimen were almost 
constant during the test. If many shear 
studs had suffered from fatigue, an in-
crease of the lateral joint was expected 
as well as the vertical deflection. The 
relative vertical movement between 
the concrete slabs was measured at 
the internal support from 100 000 to 
1 million load cycles. Due to technical 
limitations it was not possible to apply 

the LVDT-gauge until after 100 000 
load cycles, and it was only possible 
to measure the slip between one of 
the concrete slabs and the steel gird-
ers. The relative vertical movement in-
creased with 0,05 mm, during the 900 
000 registered load cycles. This was the 
only displacement parameter that indi-
cated that some of the studs might suf-
fer from fatigue. As a complement to 
the displacement measurements, two 
other techniques were used to detect 
the crack propagation of individual 
shear studs: acoustic emission (AE) 
technology and strain measurements. 
These measurements were not a main 
purpose of the test. Therefore, the re-
sults are only described briefly. 

The AE measuring devices were ap-
plied at the upper flange in each end 
of one of the girders. The measuring 
devices were two microphones which 
were fixed by magnets. Two devices 
were used on each end of the girder. 
They were applied in the transversal 
direction in the middle between the 
edge of the flange and the web. The 
equipment that was used is described 
in detail in Ref. [7] and the test setup 
is described in Ref. [5]. 

The data from the AE-measurement 
indicated, after about 400 000 cycles, 
that there was a specific zone on the 
girder which gave acoustic emission 
during the cycles. Such a tendency is 
typical for a propagating crack. Cracks 
which are just opening and closing 
without propagating, do not give any 
acoustic emissions of the kind that 
has been registered. The measurement 
shows that the fatigue cracks are grow-
ing faster and faster when the number 
of cycles are increasing. The AE-signal 
is about 30 times higher after 1 015 000 
cycles, than after 400 000 cycles. 

The presumed propagating crack was 
traced by the AE-measurement to a 
position 200 mm from the internal sup-
port (Joint 2), at the cantilevering part. 
The margin of error was estimated at 
±100 mm. When all the tests were com-
pleted, concrete was removed at the 
zone where fatigue failures of the studs 
were expected. In this zone, it was visu-
ally confirmed that two studs had large 
fatigue cracks. The remaining areas of 
these studs were about 25%, as shown 
in Fig. 11. These two studs were locat-
ed 250 mm from the internal support, 
which is inside the margin of error 
from the AE-measurement. Thus, this 
test shows that it is possible to detect 
cracks in a composite structure by 
using acoustic emission technology. 
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No AE-measurements were performed 
on the other girder. The strains in the 
upper flange, due to the bending of 
the shear studs, were however also 
measured by strain gauges. These were 
mounted underneath the upper flange, 
located below the studs and displaced 
15 mm along the longitudinal axis. The 
result could be used to find out if some 
of the shear studs suffered from fatigue. 
The strain measurements indicated 
that two studs might have failed on this 
girder as well. One was at the same dis-
tance from the end of the girder as the 
stud that failed on the first girder. The 
surrounding concrete was removed and 

the failure was visually confirmed. By 
studying the crack area, of the same 
kind as shown in Fig. 11, the remain-
ing area of that stud was estimated to 
be 50%. The second stud which might 
have failed was not uncovered from 
the surrounding concrete, and the fail-
ure was not visually confirmed. 

Figure 12 shows the strains registered 
by strain gauges at four studs in a row 
at the middle joint in the test setup, two 
studs on each side of the joint. Three 
of the studs show a constant behaviour 
throughout the fatigue test, while the 
fourth one shows a deviant behaviour. 

The conclusion drawn from the mea-
sured strains, in Fig. 12, is that stud 
number four has suffered from fatigue, 
since the measured strain is increasing 
during the test. The surrounding con-
crete has probably been crushed and 
the resulting force acting on the bolt 
has been transferred upwards along the 
stud shank. The consequence of this is 
an excessive bending moment in the 
stud, and the observed rising strain is a 
result of the rising moment. The bend-
ing moment causes bending stresses, 
which result in a propagating fatigue 
crack. Similar strain behaviours were 
registered for another three studs, and 
the fatigue cracks were visually con-
firmed at three of the four studs which 
had suffered from fatigue according to 
the strain measurements. 

Static Load Test of Overlapping 
Concrete Keys

After the fatigue test, an additional test 
was performed to check the resistance 
to the static load of the concrete keys. 
The joint at the internal supports that 
have been subjected to fatigue load, 
was tested, as well as an additional joint 
that had not been subjected to fatigue 
load as a reference. The test setup is 
shown in Fig. 13. It resembles the test 
setup used in section Concrete Deck 
Elements. Instead of using two jacks 
at each side of the joint, only one jack 
was used. The other jack is substituted 
to a load cell, which registers the force 
that is transferred directly through the 
concrete key. 

The results confirm that Joint 2 at 
the internal support had not suffered 
from fatigue. The maximum static load 
capacity was about the same for the 
two tested joints. The maximum load 
applied was 1046 kN at Joint 2, and 
1001 kN at Joint 3. These loads can be 
compared to the highest design vehicle 
wheel load in the Swedish Bridge Code 
[14], which is 163 kN. 

Figure 14 shows a load deformation 
diagram, illustrating deformations 
caused by the forces applied at the 
concrete keys. The registered forces 
that have been transferred directly 
through the keys are plotted in the 
same diagram. At Joint 2, about 66% 
of the force is transferred through the 
keys, and about 73% in Joint 3. 

Summary of Laboratory Tests

– The overlapping concrete keys can 
withstand the static load as well as 
the fatigue load, according to EC 1-3.
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– For a continuous girder bridge, 
the joint tends to open over 
intermediate supports. The total 
horizontal opening during the 
fatigue test was 1,1 mm. The relative 
vertical movement of the adjacent 
concrete slabs, caused by a passing 
wheel over an intermediate support, 
was stated to be 1,4 mm during the 
key fatigue test. This movement 
of the joint is a problem for the 
waterproofi ng and surfacing, thus it 
has to be investigated.

– Even if the slab elements under 
tension, near the intermediate 
support, are not included in the 
design calculations, it is strongly 
recommended that they should 
be properly connected to the steel 
girders. The connection should be as 
strong as possible without exceeding 
the tensile strength of the concrete. 
The force on the shear studs will vary 
with the traffi c load and may cause 
fatigue failure. The laboratory test 
with 1 million load cycles caused at 
least three studs, but probably four, 
to fail from fatigue. The calculated 
force on the studs of 44 kN is high 
compared to the expected resistance 
to fatigue according to [12] and [13] 
for 1 million cycles. At the estimated 
number of stress-range cycles until 
failure, according to Eurocode 
262 000 cycles, no signs of fatigue 
was observed. At 5 to 600 000 cycles, 
some studs seem to suffer from 
fatigue.

– Although not the main purpose 
of the test, acoustic emission was 

adopted, and it was possible to 
detect the propagation of cracks in 
the headed shear connectors. The 
fi rst indication of a propagating 
crack was registered after 400 000 
cycles.

Experience from Bridge AC 
1684

In 2002, the Swedish road bridge AC 
1684 was built over a railway in Nor-
rfors, replacing an old narrow bridge 
in bad condition. It was designed as 
a single span composite bridge with a 
span width of 28 m. The bridge deck 
was designed to be prefabricated, in 
16 concrete deck elements and two 
prefabricated abutments (see Fig. 15), 
and assembled with dry joints.  The 
construction costs were presumed to 
be a bit higher than for a conventional 
concrete bridge, but since the distur-
bance of the railway traffic could be 
minimized it was worth trying the new 
concept. One of the demands which 
the bridge designer had to deal with 
was the requirement of a bridge which 
could be assembled in less than 24 h. 
The time limit was governing by how 
long time the electricity on the railroad 
must be switched off. During this pe-
riod, girders would be lifted in place, 
deck slab elements assembled, and 
bridge rails, as well as safety roof and 
safety net mounted. The elements were 
also prestressed with a force of 600 kN, 
in order to ensure that there would not 
be any gap between the elements. 

This bridge project has been evaluated 
in Ref.[8] in order to gather experienc-
es and the opinions about this type of 
prefabricated element bridges. It also 
8 states that the most important expe-
rience is that all the participants must 
be aware of the aim of the project and 
their responsibilities. It is necessary 
that all partners realise the importance 
of the required precision. 

Steel Girders

The bridge has a rather complex ge-
ometry, as shown in Figs. 15 and 16, 
and the lack of vertical and lateral sur-
faces requires an extra amount of in-
formation for the steel workshop. The 
extra information is needed in order to 
avoid small mistakes which may not be 
discovered before the units reach the 
construction site. If there is a mismatch 
between the studs and the transversal 
reinforcement in the grouting channel, 
the time benefits of a prefabricated 
bridge might be wasted. 

During the assembling of the bridge, 
some tasks appeared to be a bit unpre-
dictable and some proposals for im-
provement were raised. First, the two 
girders were not in the right positions. 
Measurement showed that they had a 
longitudinal displacement in relation 
to each other. A decision was taken to 
adjust the girders positions after they 
had been lifted in place. However, the 
measurements after the lift showed 
that the girders had gone back to the 
right position. In order to avoid these 
uncertainties, laterally adjustable cross 
stays could be mounted on the upper 
flanges. Displacements could then be 
adjusted by these. They will also give 
an extra lateral stiffness to the steel 
girders during the assembling of the 
deck elements. Another observation 
was the lack of reference points on the 
steel structure. This caused some prob-
lems when the first element was lifted 
in place, since it was not obvious where 

Fig. 15: General arrangement of the prefabricated bridge deck in road bridge AC1684 (Units: mm)

1 2 3 4 5 6 7 8 9 10 11 12 13 14 15 16 17 18

16 Element × 1800 = 28800
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Fig. 16: Cross-section of the steel structure, c/c cross-girders 7,0 m (Units: mm)
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the right position was. This problem 
can be solved if the steel workshop 
adds some marks on the outside of 
the upper flange. These marks must 
be deep enough to be visible after the 
painting work is done. 

Concrete Deck Elements

Each element had a dimension of 1800 
× 7650 × 280 mm (see Fig. 17), giving 
an element weight of about 10 t. Ex-
periences from previous projects have 
shown that the lifting devices should 
not be anchored in the grouting holes 
for the concrete channel. This conclu-
sion was based on the observation of 
longitudinal cracks near the channels, 
caused by the bending moment due to 
the element’s weight. Therefore, four 
spherical head lifting anchors were 

used to lift the elements at AC 1684. 
These anchors were cast in recesses in 
the concrete surface, outside the chan-
nels. The channels were filled with con-
crete when the elements were fixed at 
the right position. The new positions 
of the lifting anchors gave a significant 
decrease of the bending moment in 
the channels, and cracks were avoided. 
Figure 18 shows an element during the 
lifting. 

The concrete keys transfer the shear 
forces from one element to another 
and are designed to transfer high axle 
loads. The keys in this bridge might 
be slightly larger than necessary, com-
pared to the results from full-scale lab-
oratory testing.9 In order to get larger 
tolerances, the concrete keys could 
be designed slightly smaller. Such a 
change would require further studies 
of the concrete cover and the shear 
reinforcement in the key areas. Figure 
19 shows the principle of the element 
assembling, and the limited tolerances 
associated with this application. 

Tolerances

One of the experiences gained from 
this bridge is that the tolerances are 
limited and very demanding. If pos-
sible, larger tolerances should be used 

in order to minimize the risk of prob-
lems during the bridge assembling. As 
shown in Fig. 19, the theoretical toler-
ances between the channel reinforce-
ment and the studs are about 22 to 23 
mm. The positions of the studs and the 
reinforcement, as well as the width of 
the element, are very important. If the 
same error is repeated on each ele-
ment it will soon lead to a fault larger 
than the tolerances at the assembling. 
This must be avoided if this method 
is to be competitive. The advantages 
of the method are the shorter con-
struction time and the possibility of 
minimizing traffic disruption when 
replacing an old bridge. These ad-
vantages are lost if the prefabricated 
elements and the steel girders do not 
fulfil their tolerances8, which are sum-
marized in the following key factors 
in each phase of the bridge construc-
tion process, in order to ensure that 
all components are within their limits 
of tolerance: 

Design phase: 

– Detailed manufacture drawings, in 
which important distances are given 
with appropriate tolerances.

– Detailed and well-considered 
assembling instructions on the 
construction drawings and in the 
assembling plan.

– Plans for additional inspections and 
checking of own work during all 
phases of the bridge construction.

Manufacturing phase: 

– Checking of own work, in order to 
fulfi l the required tolerances. 

– Be in agreement with the additional 
controls and the purpose of these.

Assembling phase: 

– Be in agreement with the assembling 
instructions and the purpose of 
these.

– Preparation before the assembling.
– Coordination of the different 

participants during the assembling 
phase.

Extra Control Program

In order to achieve the demanded tol-
erances, extra control programs were 
developed for each phase of the bridge 
construction. In this section, the extra 
control program will be briefly de-
scribed to illustrate how precisely the 
work has to be executed. The following 
items are checked by the manufacturer 
of the prefabricated concrete deck ele-
ments. 

Air release
holes ∅16

∅100 holes used to
cast the channels

Cast against formwork

18
00

1825 18252000 2000

7650

Match-cast against previous element

17
55

Fig. 17: Plan of a prefabricated bridge deck element (Units: mm)

Fig. 18: Bridge deck element is lifted in place

Fig. 19: Illustration of the narrow tolerances at assembling (Units: mm)
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Checking the levelling of the 
formwork

The previous cast element is used as 
formwork on one side of the next el-
ement. The formwork for the new ele-
ment was levelled with a precision of 
±2 mm. The desired value of δ, shown 
in Fig. 20, was 2 mm (due to the vertical 
radius). It was checked before and after 
the concrete was cast, to ensure that 
there were no undesired deformations. 

Checking of the geometry

It is very important that the elements 
in prefabricated bridges have the right 
geometry. This becomes even more 
important in Bridge AC1684, since it 
has both a horizontal and a vertical ra-
dius. Before the elements are cast, the 
formwork is measured together with 
the previous element, as shown in Fig. 
21. The tolerances for L1, L2, D1 and 
D2 are ±3 mm. 

Checking the concrete cover and 
effective cross-section

The desired concrete cover over the 
whole structure is 35 mm, and the tol-
erance is set at ±5 mm. The concrete 

cover and the effective cross-section is 
checked by measuring the position of 
the reinforcement before the element 
is cast. Tolerances for the effective 
cross-section vary, depending on which 
part of the structure is checked. 

Initial opening of the joint

After formwork removal, the initial 
opening of the joints is checked by 
the manufacturer of the elements. It is 
checked at 11 positions along the joint 
(see Fig. 22), on both top and bottom 
surfaces of the element. The average 
opening is not allowed to exceed 1,0 
mm at this stage. 

The joint opening is also checked by 
the contractor when the bridge deck 
has been assembled and prestressed 
by a force of 600 kN. The joint open-
ing after prestressing should be 0 
mm on the upper or lower side of the 
joint. This is checked by using a feeler 
gauge. The joint is considered as 0 mm 
if a feeler gauge of 0,3 mm cannot be 
pushed through the joint, at the same 
time as the joint does not exceed 1,0 
mm at the opposite side (upper/lower 
side). Locally, a 1,5-mm joint opening 

Previous cast element New element
δ

Fig. 20: Levelling tolerances for element formwork
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Fig. 21: Geometry checks of deck slab and formwork

is allowed over a maximum distance of 
1 m. The average opening of the joint 
is not allowed to exceed 0,4 mm, when 
all the measured values on the upper 
and lower side of a joint are taken into 
consideration. 

Economy

The construction costs of the prefab-
ricated bridge were presumed to be 
higher than the cost for a bridge with a 
concrete deck cast onsite. However, ac-
cording to information received from 
the contractor, the cost of the prefab-
ricated deck was the same as that of 
a deck cast onsite. Another contractor 
states that the prefabricated deck was 
less expensive according to their cost 
estimations. The extra costs due to the 
prefabrication is compensated by the 
saving achieved in formwork and other 
costs that appear when a bridge is built 
over an operating railway.10

Analyses made by the Swedish Nation-
al Railway Administration (SNRA), 
estimate the costs to society if the 
bridge had been constructed in a con-
ventional way.10 The highest speed al-
lowed on the railroad would then have 
to be decreased from 100 to 70 km/h 
over a two-km-long distance, during 
the construction time of the bridge. 
The cost for changes in signal equip-
ment and signs was estimated at 16 500 
, and the cost due to the loss of ca-
pacity was estimated at 22 000 .

The fee to the bridge designer is one of 
the costs that will be a bit higher for a 
prefabricated bridge, partly due to the 
lack of experience from similar con-
struction projects. This cost is however 
low compared to other costs, and can 
probably be lowered when the bridge 
designers get some experience from 
this type of bridge. 

For bridge BD1883, a study made in 
Ref. [11] compares the cost of con-
structing (A1) a prefabricated com-
posite bridge (the system under study), 
(A2) a conventional composite bridge 
with a temporary bridge, and (A3) a 
conventional composite bridge with 
the traffic directed to the nearest by-
pass roads. The construction costs and 
the road-user costs for the three alter-
natives are shown in Fig. 23. The con-
struction costs are inclusive of profit 
to the contractor, and some indirect 
taxes. 

The most economical alternative in the 
social aspect, according to the study in 
Ref. [11] was to build a prefabricated 
composite bridge (A1). The construc-

Fig. 22: Positions where the joint opening is checked
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tion cost of a conventional bridge (A3) 
is lower, but the need for a temporary 
bypass road, or the indirect costs of di-
recting the traffic to nearby roads are 
making the prefabricated composite 
bridge the most economical solution 
for society. The main reason why alter-
native 3 gets very high road-user cost 
is the fact that the nearest bypass roads 
resulted in a quite long pass for the 
road-users in this particular case. 

Conclusions

Composite bridges are a well-estab-
lished alternative to concrete bridges. 
The new concept for composite bridg-
es with prefabricated decks described 
in this paper offers several advantages 
compared to concrete bridges and con-
ventional composite bridges. Some of 
the advantages are the shorter erec-
tion time, better working environment, 
a dry bridge deck surface and a pos-
sibly higher quality. 

Laboratory tests carried out on pre-
cast slab elements showed excellent 
abilities to withstand both static and 
fatigue loading. Pilot projects in north-

ern Sweden erected in 2000 and 2002 
showed that this design concept works 
well onsite. 

Experiences from bridges constructed 
according to this concept show that it 
is possible to fulfil the demanded toler-
ances, even if the tolerances are limited. 
It is necessary that all partners involved 
are aware of the aim of the project and 
their responsibilities. Every step must 
be checked carefully since there is no 
time or possibilities for last minute 
changes at the construction site. 

In a newly started European R&D 
project (ELEM), the concept of pre-
fabricated deck elements will be stud-
ied by researchers and designers from 
Sweden, Finland, Germany and Poland. 
The estimated cost of the project is 1,5 
million ;. The project aims at building 
a multi-span bridge with dry joints, and 
monitoring the movements of these. 
This also includes experimental studies 
of whether the waterproofing can with-
stand these movements. Furthermore, 
the possibilities to allow larger longitu-
dinal tolerances at the assembling stage, 
by placing the shear connectors in con-
centrated groups will be investigated. 

Fig. 23: Construction costs and road-user costs for concerned construction type 1 to 3
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ABSTRACT

A prefabricated concrete deck with dry joints between deck 
elements has been developed to make prefabricated bridges even 
more competitive. This type of bridge deck has been used on 
single span bridges in Sweden, and is now under development for 
multi span bridges. This paper describes how the deck system 
works. Results from laboratory tests of shear keys between deck 
elements are also presented together with an analysis comparing 
the predicted capacity with the measured failure load.  

Key words: Bridge, prefabrication, element, dry joints, shear keys, 
laboratory tests. 

1. INTRODUCTION

There is always a need to widen, build or rebuild bridges. To reduce the construction time and to 
minimize the impact on the traffic situation, prefabricated bridges can be used. Prefabricated 
steel girders are rather common but prefabricated concrete deck elements are still a rare 
exception. In order to make prefabricated bridges even more competitive, a deck of 
prefabricated concrete elements with dry joints between the elements has previously been 
developed. This system has been used on a few single span bridges in Sweden and is now under 
development for multi span bridges. The aim of the R&D project is to enable the use of dry 
joints between elements in multi span bridges without pre-tensioning. Particular attention has 
been paid to the ease of manufacturing, [1][2][3]. 
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To transfer both lateral and vertical forces through the transverse joints, and to prevent vertical 
displacements between the deck elements at the joints, overlapping concrete keys are used. 
These keys are designed as a series of overlapping male-female connections along the joints, see 
Figure 1 and 2. In order to ensure a good accuracy of fit in the dry joint, the elements are match 
cast. 

Figure 1 – 3D-sketch of two elements, illustrating the joint. Figure 2 – Element during assembly

The theoretical distance between the transversal reinforcement bars in the concrete deck 
elements and the shear studs on the steel girders is limited, and the tolerances can be demanding 
since the overlapping concrete keys require a longitudinal displacement of the elements at the 
assembling. The displacement has to be at least the horizontal depth of the overlapping concrete 
keys plus the tolerances in the longitudinal direction of the bridge, see Figure 3. [2] 

Figure 3 – Illustration of the limited tolerances. [2]

If possible, it would be preferable to use shear keys with smaller depth. However, the shear keys 
must be able to transfer the forces given in the design codes [4]. By using a FE-model of the 
bridge it can be shown that a maximum of about 40% of the traffic load acting on a single 
element is transferred through one of the joints. The rest of the load is transferred directly to the 
steel girders, or through the dry joint at the opposite side of the element. Therefore, the shear 
keys must be able to resist a load that is at least 40% of the design load given in the codes. 

In order to find out how the shear keys transfer forces, and to be able to predict their strength 
and verifying the FE-model, laboratory tests have been performed.  
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2. Laboratory tests 

Twelve static tests with three different layouts of the shear keys have been tested. The test set-up 
and the specimens are briefly described in the following sections. 

2.1 Test set-up 

The tests were focusing on pure shear capacity of the concrete keys. This means that no positive 
or negative effects were simulated, such as prestressing from the steel girders, or any misfit 
between the elements. A schematic and simplified sketch of the test set up is shown in Figure 4. 

Figure 4 – Schematic and simplified sketch of the test set up.

The test specimens were placed in a test rig that consists of two concrete supports on top of a 
steel frame. The concrete support elements was match cast to one of the test specimens. All test 
specimens were made in the same steel formwork, and fitted well to the match cast supports. 
The supports were made in concrete with higher strength class (C40/50) than the specimens 
(C30/37). They were also heavily reinforced to avoid any failure in the support elements, and to 
make it possible to reuse them. The steel frame was used to keep the supports in the right 
positions and to make the demounting easier. The frame was constructed of HEA180 profiles. 
Figures 5 and 6 below show more detailed drawings of the support elements and the steel frame. 

Before each the test was started, the bolt connections in the steel frame was tightened so that the 
frame could take care of the horizontal tensional forces that occurs due to the inclined contact 
surface in the shear keys. The bolts were tightened gently, aiming to get a remaining horizontal 
gap of 0.5 mm at each shear key. The bolt connections were not used to clamp the specimen 
and the support elements together, giving a horizontal compressive force in the concrete. 
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Figure 5 – Geometry drawings of support elements. 

Figure 6 – Illustration of test rig. 

Each specimen had two shear keys that were tested under static load. The first shear key was 
tested until failure. After that, the hydraulic jack was moved to the opposite side of the 
specimen, and the second key was tested. When the second shear key was tested an extra 
vertical support was used, to make sure that the specimen was levelled horizontally and that the 
support area was uncracked, see Figure 7. 

Figure 7 – Load situation with the extra support. 

During the tests, data were recorded on 12 channels. Two channels were used to record the time 
elapsed and the load from the cylinder. The remaining ten channels were used to record 
deformations. Six measurement points were placed on top of the specimen. Three were placed 
on top of the support element and the last one was placed towards the floor measuring the 
reference deformation. The test set-up and the measurement devices are shown in Figure 8. 
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Figure 8 – Picture of test set-up. 

2.2 Test specimens 

The general geometry of the test specimens were 1.8 × 1.3 m, with a concrete shear key depth of 
60 mm and a length of 540 mm, see Figure 9. The concrete strength in the specimens was aimed 
to be equal to strength class C30/37. For each specimen, six concrete cube tests were performed: 
3 compressive and 3 tensile. The material test results are presented in Chapter 3. 

Figure 9 – General geometry of test specimens. 

The first specimens (2 elements) were reinforced with exactly the same amount of reinforcement 
as used in deck elements in previously constructed single span bridges. In these specimens the 
shear keys were the same in both ends, shear key type 1. The second type of specimens (4 
elements) had reduced shear key reinforcement in one of the shear keys, shear key type 2, 
compared to the first specimens. The other shear key, shear key type 3, was completely without 
reinforcement. With this design, four test results are gained for each type of shear key. Figures 
10 and 11 show the reinforcement drawings of the specimens. 
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Figure 10 – Reinforcement drawing for specimens of type 1. 

Figure 11 – Reinforcement drawing for specimens of type 2. 
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3. Results

3.1 Material tests 

For each specimen, six cubes were cast out of the same concrete mix. Three of the cubes were 
used to determine the compressive strength and the other three were used to determine the 
tensile strength. The test cubes had the dimensions of 150×150×150 mm. The mean values for 
each specimen are presented in Table 1 below. 

Table 1 – Concrete parameters. 
Cast date Test date Age Pc fc Pct fct Specimen
    [days] [kg/m³] [kN] [MPa] [kN] [MPa] type 

2010-03-15 2010-06-16 93 2334 1045 46.1 118 2.6 1 
2010-03-16 2010-06-11 87 2345 1132 49.7 123 2.8 1 
2010-03-18 2010-06-02 76 2372 1082 47.6 103 2.3 2 
2010-04-07 2010-06-08 62 2330 967 42.6 94 2.1 2 
2010-04-08 2010-06-11 64 2358 1009 44.5 115 2.6 2 
2010-04-12 2010-05-31 49 2371 970 42.9 99 2.3 2 

Pc  = failure load, compressive test fc = compressive strength 
Pct = failure load, splitting test fct = splitting tensile strength  

3.2 Shear key tests 

All tests were deformation controlled, with a stroke of 0.02 mm/s. Two different kinds of 
failures were observed when the reinforced shear keys were tested. Firstly, five of eight 
reinforced shear keys failed by cracks that activated the reinforcement, giving a ductile 
behaviour – failure type 1. The shear keys remained as one piece, but with some concrete 
crushing in the lower parts. Three specimen failed by cracks that were developed outside the 
reinforcement, resulting in a failure that separated the shear key from the rest of the specimen – 
failure type 2. This type of failure occurred under lower loads than the previously described 
failure. 

Shear key type 1 – Ø12 reinforced (4 tests) 
Two of four shear keys of type 1 resulted in failure type 1. The load-deformation curves from 
these two tests are shown in Figure 12 with solid lines, together with some photos of the failed 
shear keys, Figure 13. 

Figure 12 – Load-deformation curve for shear key type 1, failure type 1 (solid) and 2 (dashed). 
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Figure 13 – Photos of shear key type 1 with a failure activating the reinforcement.  

The last two specimens failed by cracks that developed outside the reinforcement, resulting in a 
failure that separated the shear key from the rest of the specimen. The load-displacement curves 
from these two tests are shown with dashed lines in Figure 12, together with some photos of the 
failed shear keys, see Figure 14.

Figure 14 – Photos of shear key type 1 after failure in the concrete covering layer.

Shear key type 2 – Ø8 reinforced (4 tests)
The load-displacement curves from the tests are shown below together with some photos of 
the failed shear keys, see Figures 15 and 16. 

Figure 15 – Load-displacement curve for shear key type 2. 
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100407 100318

100408 100412

Figure 16 – Photos of shear key type 2 after failure. 

In one aspect, the results from these tests reminds of the tests of shear key type 1 – Ø12 
reinforced, since three shear keys remains rather unaffected after cracking, and one shear key 
fail outside the reinforcement. The latter shows a very plastic behaviour before it finally fails in 
the concrete cover layer.

Shear key type 3 – unreinforced (4 tests) 
The load-displacement  curves from the tests are shown below together with some photos of 
the failed shear keys, see Figures 17 and 18.

Figure 17 – Load-displacement curve for shear keys of type 3 

100407 - unreinf. 100318 - unreinf.

100408 - unreinf. 100412 - unreinf.

Figure 18 – Photos of shear-keys after failure. 



10

4. Analysis

The strength of the shear keys has been estimated by using four different design models: 
1. classical beam linear elastic analysis – shear key type 3 with failure type 2 
2. Eurocode 2 – shear key type 1 and 2 with failure type 2 [6] 
3. Eurocode 2 – shear key 1 and 2 with failure type 1 [6] 
4. force equilibrium model 

The material parameters from the test of concrete cubes are used to calculate the shear capacity 
for each shear key. The results from the design models are presented in Table 2. 

1. Shear resistance for shear key type 3 with failure type 2 
The shear resistance for failure type 2 in shear key type 3 without reinforcement can be 
estimated as, according to classic beam analysis and assuming that the shear strength is half the 
tensile strength [7], 

ctwshearwcRd hfbhfbV
3
1

3
2

,  (1)  

where

bw = 540 mm; the smallest width of the cross-section within the effective height 

h = 165 mm; height of shear key 

fct = is the splitting tensile strength of the concrete, see Table 1 

2. Shear resistance for shear key type 1 and 2 with failure type 2 [5], 
The shear resistance for failure type 2 can also be estimated by using formulas from [5],  

vwc dfbV (2)

ctv ff )501(3.0  (3) 
02,0)/(0 dbA ws  (4) 

 = 1.4   when d  0.2 m 
d = 140 mm 

bw = 540 mm    

bw the smallest width of the cross-section within the effective height 

d effective height 

fv shear strength of the concrete 

fct tensile strength of the concrete 

As0  the smallest amount of bending reinforcement in the tensile part of the studied cross-
section. This is set to 0, since there is no bending reinforcement in the shear key, only 
shear reinforcement. 
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3. Shear resistance for shear key 1 and 2 with failure type 1 [6], 
This approach has been used on at least two bridges in Sweden, a bridge over Rokån and a 
bridge in Norrfors.

According to Eurocode 2 [6] the shear resistance for a section with inclined shear reinforcement 
is 

sincotcot, ywd
sw

sRd zf
s

A
V  (5) 

When shear reinforcement is used locally, with inclined rebars in one line (the –SX rebars), then 
the equation above can be simplified to 

sin, ywdswsRd fAV  (6) 

where

Asw = is the area of the shear reinforcement 

fyw = 500 MPa, is the yield strength of the shear reinforcement 

 = is the angle of the shear crack ( 45° observed in the test) 

 = 60° is the inclination of the shear reinforcement 

4. Force equilibrium model. 
This model has been suggested, by Dr. Bo Westerberg (KTH, Stockholm), in order to describe 
the load carrying capacity in more detail. It is a force equilibrium model that involves both the 
reinforcement and compressive struts in the concrete, see Figure 19. 

Figure 19 – Illustration of force equilibrium model and the notations. 

The horizontal force H is believed to have great influence on the load carrying capacity. Without 
a compressive horizontal force, there is a risk for shear failure of the concrete cover at the edge 
of the shear key. The load carrying capacity is hard to predict in such a scenario, but it cannot be 
more than the shear strength of the concrete. 

In the laboratory tests, the size of the force H is dependent on the shape of the supports, the 
rigidity of the test-rig etc. In a real bridge, this force will vary along the bridge and will depend 
on the global load situation as well as the local load situation. 
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Equilibrium equations: 

2 3: cos 0F V F F  (7) 

 0sin: 12 FFFHF c  (8) 

 0)()(: 1 zbFabHbFcVM cRC  (9) 

The load carrying capacity of the shear key can be estimated by using the maximum capacity of 
each rebar. 

1 1 cosy sF f A  (10) 

2 2y sF f A  (11) 

3 3y sF f A  (12) 

giving

Ø1 = 12 mm   Ø2 = 8 mm  
2

1,max
16500 2 cos18.5 191 kN
4

F 1075,18cos
4
122500

2

max,1F kN

2

2,max
12500 8 452 kN
4

F
2

2,max
8500 8 201 kN

4
F

2

3,max
12500 3 170 kN
4

F
2

3,max
12500 3 170 kN
4

F

As a first assumption the horizontal force, H, is set equal to zero. Then we assume that we are 
utilizing the shear reinforcement up to 100%. This gives the following result by Equation (7). 

Ø1 = 12 mm   Ø2 = 8 mm  

max 452cos30 170 561 kNV max 201cos30 170 344 kNV

The moment equilibrium Equation (9) gives: 

Ø1 = 12 mm   Ø2 = 8 mm  

561 66 191 65 582 kN
65 20cF 344 66 107 65 349 kN

65 20cF

Assuming that the compressive strut in the concrete is developed over a height of 30 mm and the 
width of 540 mm, the compressive stress in the concrete can be calculated as: 

Ø1 = 12 mm   Ø2 = 8 mm  

Fc = Fc/(w h)      Fc = Fc/(w h)   

Fc = 582/(540 30) = 35.9 MPa   Fc = 353/(540 30) = 21.8 MPa 
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These compressive stresses are below the compressive strengths that have been measured, and 
failures caused by concrete crushing could not be observed in the tests. The assumed distribution 
of forces in the rebars would be a possible solution according to this load model, resulting in 
yielding in the shear reinforcement. Anyhow, this is only one possible solution for this model, 
based on theoretical positions of the rebars. This load model should be calibrated to the test 
results, as should the influence of the horizontal force H. For example, frictional forces between 
the concrete surfaces will influence the result.  

5. Test results vs. calculation models 
Table 2 – Test results compared to results from calculation models. 

Cast
date

Test results  Model 1  Model 2  Model 3  Model 4  
Vmax [kN] Vmax [kN]  Vmax [kN]  Vmax [kN]  Vmax [kN]  

2010- Ø12 Ø8 -  Ø12 Ø8 - * Ø12 Ø8 - * Ø12 Ø8 - * Ø12 Ø8 - *
03-15 449 - - 80 - - 5.61 84 - - 5.36 392 - - 1.15 561 - - 0.80
03-15 337 - - 80 - - 4.21 84 - - 4.03 392 - - 0.86 561 - - 0.60
03-16 532 - - 83 - - 6.41 88 - - 6.07 392 - - 1.36 561 - - 0.95
03-16 370 - - 86 - - 4.30 88 - - 4.22 392 - - 0.94 561 - - 0.66
03-18 - 285 - - 68 - 4.19 - 73 - 3.88 - 174 - 1.64 - 344 - 0.83
03-18 - - 104 - - 68 1.53 - - 73 1.42 - - 0 - - - 0 -
04-07 - 222 - - 63 - 3.52 - 67 - 3.30 - 174 - 1.28 - 344 - 0.65
04-07 - - 114 - - 63 1.81 - - 67 1.70 - - 0 - - - 0 -
04-08 - 363 - - 77 - 4.71 - 82 - 4.42 - 174 - 2.09 - 344 - 1.06
04-08 - - 123 - - 77 1.60 - - 82 1.50 - - 0 - - - 0 -
04-12 - 376 - - 68 - 5.53 - 71 - 5.30 - 174 - 2.16 - 344 - 1.09
04-12 - - 82 - - 68 1.21 - - 71 1.16 - - 0 - - - 0 -
*  = test result divided by the predicted value for the given calculation model.

According to the result presented in Table 2, calculation model 1 and 2 can be useful to estimate 
the strength for a shear key without reinforcement. The design values are on the safe side with a 
safety factor from 1.16 – 1.81. Model 3 gives results that are on safe side except for the failures 
in the concrete cover for test specimen type 1. With the assumptions made, design model 4 is the 
same as model 3, except the fact that model 4 makes the vertical reinforcement bars in the slab 
active. The result is often on the unsafe side, which could indicate that the vertical rebars does 
not influence the load carrying capacity as much as assumed in the calculations. This model 
needs to be studied more detailed, calibrated to the test results and maybe modified. 

One thing that can be noted is that the shear keys that fail in the concrete covering layer still 
transfer forces that are far higher than the capacity of the concrete itself. Therefore, the 
reinforcement must have been activated, and should be included in the design formula in one 
way or another. 

6. Conclusions

The results from the tests have a considerable scatter. Still some interesting points can be noted. 
Firstly, the tests show that unreinforced concrete can not transfer the design shear forces, caused 
by the vehicle models in Eurocode, from one element to another. This was an expected result, in 
line with the result from the calculations. However, in the reality we believe that the shear keys 
can transfer a higher load since the surrounding elements will deflect together with the loaded 
element, which probably gives longitudinal compressive forces which would counteract the 
tensile stresses that occurs due to the shear forces.  
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Secondly, the load carrying capacity of the previously used shear keys seems to be larger than 
necessary, especially if we can avoid a failure that is developed by a crack growing through the 
concrete covering. The shear keys with less amount of reinforcement (Ø8mm) are still strong 
enough to carry the load. However, we suggest some changes in the shear key reinforcement 
since we see some potential improvement. Two new reinforcement layouts are presented in 
Figure 18. In both cases the concrete cover layer has been reduced. In the left case, additional 
reinforcement have been added (-E8), and in the right case the SX-rebars have been replaced by 
EX-rebars. The geometry of the EX- and SX- rebars can be seen in Figure 10 and 20. By using 
stainless steel in some of the rebars in the shear keys, it would be possible to decrease the 
thickness of the concrete covering layer, and hopefully avoid a failure in the covering layer.  

Figure 20 – Illustration of two suggested reinforcement layouts.
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Abstract

This paper describes the monitoring of a one-span composite bridge in northern 
Sweden. The bridge was built in 2000, with prefabricated deck elements con-
nected to steel girders, and the back walls as well as the piers were also prefab-
ricated. The monitoring was required to clarify the doubts regarding whether a 
bridge with dry deck joints can be expected to perform as a conventional com-
posite bridge, with in situ cast deck and sections with sagging moments. To get 
a better understanding of the long-term structural beh aviour, the bridge was 
 monitored both during 2001 and 2011, instrumented with equipment measuring 
the deflections and strains in the steel cross section. The bridge was loaded with 
a truck in midspan having a total weight of 25 t. When the truck was centred 
between the girders, the results showed a symmetric behaviour, with respect to 
deflections and stresses. For the case with the truck stationed right above one of 
the steel girders, anti-symmetric behaviour wa s observed and studied by means 
of finite element calculations, taking into account the stiffness of the composite 
section as well as the end screens and the earth pressure below them.

Keywords: composite bridge; prefabrication; deck elements; dry joints; monitoring.

The joints are totally dry and transfer 
shear forces by overlapping shear keys 
(see Fig. 1). Longitudinal compressive 
forces are transferred by the contact 
pressure in the concrete surfaces at the 
transverse joints. In case of tensional 
forces, the steel section is designed 
to take the whole load, because there 
is no reinforcement going through 
the joints. This type of structure is 
described in more detail in Ref. [2].

A bridge deck of composite type is 
well suited for single-span bridges with 
mostly compressive forces in the con-
crete deck. Nevertheless, laboratory 
tests indicated that it would not be a 
problem to use this type of deck on 
multispan bridges as well, with regard 
to ultimate strength of the shear keys 
and shear key fatigue resistance.2,3  In 
such a case, the requirement on the 
water insulation as well as the pave-
ment should be specified according to 
the estimated joint openings. 

During the development process, ques-
tions were raised whether this type of 
structure behaves as a fully composite 
section. To get better understanding of 
the composite action in a real structure, 
a single-span bridge with dry joints has 
been monitored. This study includes 
field monitoring done in years 2001 
and 2011, as well as a finite  element 

(FE) analysis of the bridge. The results 
are also compared to the design calcu-
lations of the bridge, which were based 
on the beam theory.

This paper focuses on the stiffness 
behaviour of the superstructure, espe-
cially the interacting concrete area. 
In the design stage, this area was esti-
mated according to Ref. [4]. Figure 2 
illustrates how  the stress is modelled 
as concentrated into blocks, instead 
of the real  distribution caused by the 
shear lag phenomenon. Equation 1 
shows how the effective flange width 
is calculated in midspan sections. The 
equivalent span length, Le, is set to 
0,7L, where L is span length and Le is 
the equivalent span width.

eff 0 eib b b= + ∑  if      ei,max e/ 8  b L≤

 else ei e/ 8b L=  (1)

There are, however, reasons to believe 
that a bridge with dry deck joints will 
behave differently, at least at moder-
ate load levels, than a conventional 
composite bridge with an in  situ cast 
concrete deck. The gaps in the joints 
are kept as small as possible by using 
match casting and limited tolerances 
that are regulated by a control pro-
gramme. Nevertheless, there will 
always be gaps in the joints that have 
to be closed before the prefabricated 
deck elements can transfer compres-
sive forces as effectively as an in  situ 
cast deck slab. Thus, the formulas for 
the effective flange width might not 
be correct in serviceability limit state 
(SLS) for a bridge of this kind.

Rokån Bridge

In the year 2000, a single-span compos-
ite bridge having a prefabricated deck 
with dry joints was built in northern 
Sweden. The bridge was constructed to 
replace an old bridge over the stream 
Rokån. The project was very success-
ful and the bridge could be replaced 
with minimum traffic disturbance. The 
road was closed for just 30 h before it 
was reopened for traffic over the new 
bridge.2

Introduction

Composite bridges have the benefit 
that the steel section can carry the 
formwork and the wet concrete with-
out the need for temporary supports. 
This makes this type of bridge highly 
suitable for water crossings and for 
bridges spanning existing roads, rail-
ways, and so on. Currently, much of 
the bridges are built in urban areas 
where congestion is a growing prob-
lem. The total construction cost of a 
bridge in such an area should be based 
not only on the cost of material and 
labour but also on the cost of the traf-
fic disturbance. If this is done, solutions 
with high degree of prefabrication and 
short assembly times will be achieved. 
One way of increasing the degree of 
prefabrication is to use not only pre-
fabricated steel girders but also pre-
fabricated concrete deck elements.1

Since the late 1990s, a solution featur-
ing concrete deck elements with dry 
joints has been developed in Sweden. 
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The  superstructure is made of two 
I-girders and has a span length of 16,2 
m (see Fig. 3). The bridge has prefabri-
cated back walls connected to the ends 
of the steel girders. This gives extra rota-
tional stiffness at the girder ends, which 
is generally neglected in bridge design.

Steel Girders

The bridge consists of two steel 
I-girders with the dimensions as shown 
in Fig. 4. As the bridge length is rather 
short, each steel girder is made as a 
single piece without any transversal 
joint. The web and the upper flange 
are made of S355J2G3 steel and the 
bottom flange is made of S460M. The 
real material properties have not been 
investigated. All material parameters 
have been taken from Ref. [5].

Concrete Deck

The concrete deck consists of eight 
deck elements, each with a length of 
1,8 m, made of concrete of strength 

class C30/37. The dimensions of the 
deck slab are presented in Fig. 5. The 
deck elements were all precast in a 
 concrete workshop and transported to 

the bridge site on trucks, and each ele-
ment had a weight of 9,0 t. In addition 
to the deck elements, the back walls 
and the wing walls were also precast 
as one unit. The reinforcement was 
mainly of grade B500B (fy = 500 MPa), 
with the exception of the transversal 
reinforcement at the top surface, which 
was of grade K600S (fy = 600 MPa). 

Monitoring 

In the spring of 2001, field tests were per-
formed with a loaded truck, and global 
deflections as well as strains in the steel 
flanges were measured. Again in the 
spring of 2011, the bridge was moni-
tored in order to study if and how the 
behaviour had changed after 10 years.

Test Setup

The same test setup was used in years 
2001 and 2011. The deflections were 
measured with LVDT gauges at three 
positions on each girder, in the middle 
of the bridge (d 3 and d 4) and at the 
supports (d 1, d 2, d 5 and d 6; see Fig. 6). 
The steel strains were measured at the 
bottom of the top flange and at the top 
of the bottom flange, in three sections. 
With the origin at midspan, the studied 
sections were located at x = 0,200 m, 
0,900 m and 7,175 m (see Fig. 6); 
7,175 m from the centre line corre-
sponds to 0,925 m from the abutment.

The strain gauges were glued to the 
flanges at the same positions as during 
the monitoring in the year 2001. The 
first section was located 0,200 m away 
from midspan and the second 0,900 m 
from midspan. The latter position was 
chosen because it coincides with a deck 
joint, and the first position was chosen 
because it is near the middle of an ele-
ment. As there are web stiffeners at 
midspan, the strain gauges were moved 
0,200 m in order to avoid measuring a 
disturbed longitudinal stress state. The 
third section that was monitored is 
located 0,925 m from a support section. 
This section was monitored in order 
to get an estimation of the degree of 
restraint at the end of the steel girder.

Vehicle Loads

The loading of the bridge was per-
formed in a similar way in both tests. 
The following two sections specify the 

Fig. 1: Schematic drawing of two concrete deck elements with dry joints

Fig. 2: Stress distribution caused by shear lag, and definition of effective flange width, beff
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loads and the load positions in detail. In 
both cases, the axle loads were scaled 
before the test started. During the mea-
surements, the vehicle always moved 
from left to right (shown in Fig. 6).

Test 2001

The bridge was loaded with a truck 
with three axels (see Fig. 8). During 
each test, the vehicle stopped in three 
positions. In each position, one of the 
axles was at midspan. The vehicle posi-
tion in the transversal directions was 
also varied. The vehicle was positioned 
right above both girders and also along 
the centreline of the bridge.6

Test 2011

The bridge was loaded with a truck 
with three axles (see Fig. 7). During 
each test, the vehicle stopped in two 
positions. First with the front axle at 
the midspan and second with the bogie 

centred at the midspan. The vehicle 
position in the transversal directions 
was also varied. The vehicle was posi-
tioned right above both girders and 
also along the bridge centreline.

Results

In the sections below, the results from 
the latest test are presented in detail, 
together with more summarized results 
from the earlier test.

Deflections 

The presented deflections are all mid-
span deflections that have been com-
pensated for the vertical deformations 
at the supports according to the equa-
tions below.

G1 = 3 – 0,5·( 1+ 5) (2)

G2 = 4 – 0,5·( 2+ 6  )  (3)

Test 2011—Load Centred above Steel 
Girders. In the case with the truck 

load centred above girder 1 (Test 1), 
the measured deflections were 3,3 mm 
when the front load was in midspan and 
4,1 mm when the bogie was in midspan 
(see Fig. 9). In the same figure, Test 2 
is also plotted, showing the situation 
when the same load is centred above 
girder 2. The deflections are in line with 
the results from Test 1, ±0,1 mm.

Test 2011–Load Centred along the 
Centreline between the Girders. The 
results from Test 3 with the centred 
truck load are presented in Fig. 10. The 
bridge shows a very symmetric behav-
iour with the same deflection in both 
girders. The deflections were 2,0 mm 
when the front axis was in midspan and 
2,6 mm when the bogie was in midspan. 

Tests 2001 and 2011—Summarization 
of the Deflections. The deflections 
measured in 2001 are summarized in 
Table 1. The deflections measured in 
2011 are also presented in the same 
table as a comparison.

Steel Stresses

The measured steel strains have been 
transformed into stresses by assuming 
Esteel = 210 GPa. 

2011—Load Centred above Steel Girders. 
The steel stresses in a section 0,200 m Fig . 6: Positions of the measuring devices on Rokån Bridge (unit mm)

Girder 1: LVDT - 
Girder 2: LVDT - 

Girder 1: LVDT - 
Girder 2: LVDT - 

Girder 1: LVDT - 
Girder 1: SG-5 (bfl) SG-6 (tfl)

Girder 1: SG-1 (bfl) SG-2 (tfl)
200 700 925

Älvsbyn

Girder 2: SG-3 (bfl) SG-4 (tfl)

Girder 1: SG-7 (bfl) SG-8 (tfl)
Girder 2: SG-9 (bfl) SG-10 (tfl)

Girder 2: LVDT - 

Pite å

5

3

1
2

4

6

Load position:
LP 1: Centred along one of the girders, axel 1 at midspan. 
LP 2: Centred along one of the girders, bogie centre at midspan. 
LP 3: Centred between the girders, axel 1 at midspan. 
LP 4: Centred between the girders, bogie centre at midspan. 

Faxel1 = 85,4 kN Faxel2 = 82,3 kN Faxel3 = 82,3 kN

4500 1300

Fig . 7: Truck load and positions that were used in the test performed in 2011 (mm)

Fig  8:  Truck load and positions that were used in the test performed in 2001 (mm)

Load position:

LP 1: Centred along one of the girders, axel 1 at midspan.

LP 2: Centred along one of the girders, axel 2 at midspan.

LP 3: Centred along one of the girders, axel 3 at midspan.
LP 4: Centred between the girders, axel 1 at midspan.

LP 5: Centred between the girders, axel 2 at midspan.

LP 6: Centred between the girders, axel 2 at midspan.

Faxel1 = 75,5 kN          Faxel2 = 93,7 kN       Faxel3 = 80,9 kN

4500 1300
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away from the midspan are presented 
graphically in Fig. 11. The largest differ-
ence between the measured stresses in 
Tests 1 and 2 was less than 1 MPa.

2011—Load Centred along the Cen-
treline between the Girders. The results 
from Test 3 with the centred truck load 
are presented in Fig. 12. The presented 
stresses were measured in a section 
0,200 m from midspan.

Tests 2001 and 2011—Summarization 
of the Stresses. The stresses measured 

in 2001 and 2011 are summarized in 
Table 2. Unfortunately, the only stresses 
that have been saved from the test in 
2001 are the ones in the bottom flange 
at section x = 0,200 m, which is given in 
Ref. [6].

Analysis

The results from the measurements 
have been compared to different design 
models. First, a simplified beam model 

 by which this bridge was originally 
designed. Second, a more detailed FE 
analysis including the back walls and 
the restraint from the soil. All material 
parameters have been taken from Refs 
[5,9].

Design Model s

Beam Model

In the simplified beam mo del, the 
bridge is regarded as  simply supported 
and the girders are separated in the 
analysis. Because of the symmetry, half 
of the deck slab is assumed to contrib-
ute to the stiffness of each composite 
girder. The loads are then distributed 
between the girders depending on the 
location of the load resultants, in the 
transverse direction. This gives a load 
factor of 0,5 when the truck is stand-
ing right between the girders and a fac-
tor of 1,0 (respectively 0,0) when the 
truck is standing right above one of the 
girders.

The cross-sectional parameters have 
been calculated according to Refs [4,5,8], 
taking into consideration shear lag and 
local buckling. There is no reduction of 
the steel cross section, but the width of 
the interacting c oncrete is reduced from 
3,355 to 2,873 m in the field section. In 
Fig. 13, the interacting part of the con-
crete is hatched. This figure also presents 
some of the important cross-sectional 
parameters.

FE-model

The bridge superstructure has been 
modelled with shell elements. Th e 
steel–concrete connection was mod-
elled as fully composite, assuming no 
shear connection de formations.

The bridge has been modelled in 
three different ways, first without back 
wal ls, second with back walls and third 
with crushed rocks as backfill behind 
the back walls. In the last model, the 
crushed rocks are modelled with an 
elastic modulus of 50 MPa. The soil is 
modelled by volumetric elements with 
a depth of 1,0 m. One side of these 
elements is attached to the back walls 
and the other side is locked from lon-
gitudinal  displacements. The three FE 
models are FEM-1, FEM-2 and FEM-
3, and all are illustrated in Fig. 14. 

In a simple design calculation (the 
beam model), the positive contribution 
from the edge be ams is neglected. The 
FE analysis is, however, done in order 
to describe the reality as effectively 
as possible, and the edge beams are 
therefore included. 

Year Test 1 T est 2 Test 3
2001 LP1 LP2 LP3 LP1 LP2 LP3 LP4 LP5 LP6
dG1 (mm) 3,4 — 4,4 1,3 1,8 1,7 2,3 3,2 3,1
dG2 (mm) 1,3 — 1,7 3,3 4,5 4,3 2,3 3,2 3
Year Test 1 Test 2 Test 3
2011 LP1 LP2 LP1 LP2 LP3 LP4
dG1 (mm) 3,3 4,1 1 1,3 2 2,6
dG2 (mm) 1,0 1,3 3,2 4,1 2 2,6

Table 1: Measured deflections at m idspan; LP = load position

Fig. 9: Measured deflections with the truck centr ed above girder 1 and girder 2, 
 respectively
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Deflections

If the measured deflections are com-
pared to the theoretical deflections 
of a simply supported I-girder, the 
measured deflections are significantly 
smaller than the calculated deflections 
(see Table 3). This is quite expected, 
because the torsional/warping stiff-
ness of the superstructure will distri b-
ute a part of the moment to the other 
girder. The back walls will also give 
an extra rotational stiffness at the end 
of the steel girders. These two factors 
are often neglected in the design of a 
bridge of this type.

The FE models confirm that the back 
walls will contribute to the distribu-
tion of the deflections, if the bridge is 
loaded unsymmetrically. However, the 
effect from the back walls appears to 
be quite small. If the load is centred 
above one of the girders, the deflection 
in the most loaded girder will decrease 
by approximately 4% when the back 
walls are included in the analyses 
(FEM-1 vs. FEM-2). Torsional and 
warping stiffness of  the superstructure 
itself appears to be the major reason 
for the distribution of the load, and 
the effect from the cross-beams is 
negligible.

The results presented in Table 3 show 
that the beam model is very conser-
vative, so are th e FE models that do 
not include the soil stiffness. FEM-3, 
which is the only model that includes 
the soil stiffness, is the model that cor-
responds best to the reality. The results 
from 2001 indicate a somewhat stiffer 
behaviour than the measurements. The 
results from 2011 are very close to the 
deformations predicted by FEM -4. 
Thus, the deflection due to the traffic 
load is somewhat lower in 2011 than in 
2001.

The soil model is quite simple, and the 
soil properties are a possible source of 
error. As no field measurement of the 
soil properties was done, tabled values 
have been used. 

Stresses

The measured stresses have been 
compared to the calculated stresses 
according to the beam model as well as 
the FE analysis. Some of the measured 
stresses a t the two midspan sections 
are presented in Table 4.

As expected, FEM-3 is the model that 
describes the reality best. The mea-
sured stresses are very close to the 
predicted stresses according to FEM-
3, if the support section (x = 7,175) is 

Fig 11: Measured stresses in Tests 1 and 2;  0,200 m from midspan
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Fig. 12: Measured stresses in Test 3; 0,200 m from midspan
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Year Test 1 Test 2 Test 3

2001 x (m) LP1 LP2 LP3 LP1 LP2 LP3 LP4 LP5 LP6

σSG-7 (MPa) 0,2 18,2 – 26,6 5,0 7,6 7,4 11,6 17,5 17,0

σSG-9 (MPa) 0,2 4,9 – 6,8 17,2 26,3 25,6 11,6 17,5 16,7

Year Test 1 Test 2 Test 3

2011 x (m) LP1 LP2 LP1 LP2 LP3 LP4

σSG-7 (MPa) 0,2 16,3 23,4 4,3 5,6 10,3 14,8

σSG-8 (MPa) 0,2 −1,3 −2,4 −0,9 −1,3 −1,0 −1,5

σSG-9 (MPa) 0,2 4,1 5,6 16,0 23,3 10,5 15,2

σSG-10 (MPa) 0,2 −0,8 −1,4 −0,6 −1,5 −0,3 −1,0

Year Test 1 Test 2 Test 3

2011 x (m) LP1 LP2 LP1 LP2 LP3 LP4

σSG-5 (MPa) 0,9 14,7 23,1 3,9 5,5 9,0 14,2

σSG-6 (MPa) 0,9 −1,9 −1,5 −0,7 −1,2 −1,0 −0,9

Year Test 1 Test 2 Test 3

2011 x (m) LP1 LP2 LP1 LP2 LP3 LP4

σSG-1 (MPa) 7,175 −7,4 −7,2 −1,2 −0,9 −3,9 −3,6

σSG-2 (MPa) 7,175 0,8 0,8 0,0 −0,2 0,4 0,1

σSG-3 (MPa) 7,175 −1,4 −1,0 −7,0 −6,9 −4,3 −3,9

σSG-4 (MPa) 7,175 0,1 −0,1 0,5 0,7 0,4 0,1

Table 2: Measu red stresses
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interacting concrete area does not 
vary over an element in compression.

An interesting observation concern-
ing the stresses is that the measured 
position of the neutral bending axis 
is situated slightly lower, compared to 
the position in the design models. In 
all design models, the neutral bend-
ing axis is positioned near the top of 
the upper flange. In reality, it appears 
to be positioned approximately 60 
to 100 mm down from the top of the 
upper flange in the most loaded girder 
and approximately 140 to 180 mm in 
the other girder. If the load is centred 
between the girders, the neutral axis 
tends to be in the former interval.

The measured steel stresses can be 
used to estimate the interacting con-
crete area. The difference between the 
tensional and the compressive forces 
in the steel corresponds to the force 
taken by the concrete. 

steel.comp. steel.tens. conc. 0:F F F F∑ → + + =  (4)

Assuming a linear stress distribution 
over the cross section, the force in the 
concrete can be calculated as follows:

b.w
conc. bfl,m bfl bfl 2

F t w⎛= − ⋅ ⋅ +⎜⎝

 w w neutral tfl tfl,m tfl tfl( )t h e t t w⋅ − + + ⋅ ⋅

 

t.w
w neutral tfl( )

2
t e t ⎞+ ⋅ − ⎟⎠ (5)

Fsteel.comp.  = compressive normal force 
in the steel, Fsteel.tens.  = tensile normal 

Fig.  13: Cross-sectional parameters for the beam model, assuming  short-term loading

Concrete

2873
3355

Steel
Web t 12 mm nL 6,4 −
Web h 750 mm Aconc 0,741 m2

B. f lange t 28 mm I 0,00493 m4

B. f lange w 500 mm CGconc* −126 m
T. f lange t 20 mm
T. f lange w 420 mm

Centre of gravity* 0 mm
Area 0,1479 mm2

Ix mm40,01306
Wtf 29,4233 mm3

Ww.t 0,6387 mm3

Ww.b 0,0169 mm3

Wbf 0,0164 mm3

* Origin at the top of the steel upper flange,
positive downwards.

Fig. 14: Illustration of the three FE models

FEM-1 FEM-3

FEM-2

Test 2001

Load pos. 1 Test BM FEM-1 FEM-2 FEM-3

d 3 (mm) 3,3 5,4 4,2 4,0 3,4

d 4 (mm) 1,3 0,0 1,6 1,8 1,0

Load pos. 2 Test BM FEM-1 FEM-2 FEM-3

d 3 (mm) 4,5 7,1 5,4 5,3 4,5

d 4 (mm) 1,8 0,0 2,2 2,4 1,3

Load pos. 3 Test BM FEM-1 FEM-2 FEM-3

d 3 (mm) 4,3 6,5 5,0 4,9 4,2

d 4 (mm) 1,7 0,0 2,1 2,3 1,2

Load pos. 4 Test BM FEM-1 FEM-2 FEM-3

d 3 (mm) 2,3 2,7 2,9 2,9 2,1

d 4 (mm) 2,3 2,7 2,9 2,9 2,1

Load pos. 5 Test BM FEM-1 FEM-2 FEM-3

d 3 (mm) 3,2 3,5 3,8 3,8 2,8

d 4 (mm) 3,2 3,5 3,8 3,8 2,8

Load pos. 6 Test BM FEM-1 FEM-2 FEM-3

d 3 (mm) 3,0 3,3 3,5 3,5 2,6

d 4 (mm) 3,0 3,3 3,5 3,5 2,6

Table 3: Test resu  lts compared to results from calculation models

Test 2011

Load pos. 1 Test BM FEM-1 FEM-2 FEM-3

d 3 (mm) 3,3 5,4 4,2 4,0 3,3

d 4 (mm) 1,0 0,0 1,6 1,8 1,0

Load pos. 2 Test BM FEM-1 FEM-2 FEM-3

d 3 (mm) 4,1 6,6 5,1 4,9 4,2

d 4 (mm) 1,2 0,0 2,0 2,2 1,2

Load pos. 3 Test BM FEM-1 FEM-2 FEM-3

d 3 (mm) 2,0 2,7 2,9 2,9 2,1

d 4 (mm) 2,0 2,7 2,9 2,9 2,1

Load pos. 4 Test BM FEM-1 FEM-2 FEM-3

d 3 (mm) 2,7 3,3 3,5 3,5 2,7

d4 (mm) 2,7 3,3 3,5 3,5 2,7

excluded. The stress distribution in this 
section is totally different  compared 
with the measured distribution. How-
ever, the supports are modelled with 
no friction at all in the bearings; hence 
all four bearings are free to move in the 
longitudinal direction. If the supports 
in one end of the bridge are modelled 
as fixed or with frictional supports, 
the stress distribution in FEM-3 will 

 correspond rather well to the observed 
distribution, as well as to th e absolute 
stress values.

Table 4 presents stress values at the 
midspan of an element and at a joint. 
When the two sections are compared, 
no significant differences in the posi-
tion of the neutral bending axis can 
be observed. This indicates that the 
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stresses at the bottom of the webs have 
been documented. Therefore, it is not 
possible to estimate the interacting 
concrete area in an appropriate man-
ner, because it is impossible to find out 
how much of the load that is carried 
by the steel section or by the compos-
ite section respectively. However, the 
measured stresses at the bottom of 
the webs have been compared to FE 
analyses and also to the new measure-
ments from 2011, and they correspond 
well.

Discussion and Conclusions

The composite type of bridge studied 
in this paper is often designed assuming 
a simple beam model. The tests show 
that such a model is very conservative 
when deflections and steel stresses are 
calculated. The FE models show that 
the torsional/warping stiffness of the 
superstructure will distribute the force 
between the steel girders, even i f the 
load is acting right above one of the 
girders. The back walls appear to have 
a similar load distribution effect, but 
not that significant. It is also obvious 
that the soil behind the retaining wall 
will affect the bridge considerably, and 
the FE model that includes the soil 
(FEM-3) is the model that describes 
the reality best.

The tests show that the interacting 
concrete area is much smaller than the 
effective flange width for a concrete 
deck in a composite bridge, accord-
ing to Ref. [4]. This conclusion is sup-
ported by tests on other b ridges of 
same type.7 The major reason for the 
interacting concrete area being much 
smaller is believed to be explained by 
the dry joints. These joints will always 
develop a small gap that has to be 
closed before the concrete can trans-
fer the compressive forces over the 
joints. If there are small gaps in the 
joints, when the in situ cast channels 
are inj ected, these gaps will become 
permanent. This means that the in 
situ cast concrete alone w ill transfer 
the compressive forces over the joint, 
until the load is big enough to close 
the joints. 

The significant difference regarding 
the position of the neutral bending axis 
between the most loaded girder and 
the other girder indicates that there are 
gaps in the joints that close when the 
load increases. For an increasing load, 
the neutral bending axis moves upwards 
towards the theoretical position for an 
in situ cast deck slab. In the ultimate 
limit state (ULS), a bridge deck of this 

x = 0,200 m LP 2  Measured BM FEM-1 FEM-2 FEM-3

Girder 1 — SG 8 σtfl −2,4 1,2 0,3 0,3 2,4

Girder 1 — SG 7 σbfl 23,4 43,5 31,2 30,3 24,3

Girder 2 — SG 10 σtfl −1,4 0,0 1,0 1,1 0,5

Girder 2 — SG 9 σbfl 5,6 0,0 12,2 13,1 6,6

x = 0,2 m LP 4  Measured BM FEM-1 FEM-2 FEM-3

Girder 1 — SG 8 σtfl −1,5 0,6 0,7 0,4 1,6

Girder 1 — SG 7 σbfl 14,8 21,7 21,3 21,3 15,5

Girder 2 — SG 10 σtfl −1,1 0,6 0,7 0,7 1,6

Girder 2 — SG 9 σbfl 15,2 0,6 21,3 21,3 15,5

x = 0,9 m LP 2  Measured BM FEM-1 FEM-2 FEM-3

Girder 1 — SG 6 σtfl −1,5 1,1 0,1 0,1 2,6

Girder 1 — SG 5 σbfl 23,0 42,0 29,6 28,7 23,5

x = 0,9 m LP 4  Measured BM FEM-1 FEM-2 FEM-3

Girder 1 — SG 6 σtfl −0,9 0,6 0,6 0,3 1,5

Girder 1 — SG 5 σbfl 14,2 21,0 20,7 20,8 14,9

Table 4: Test results from year 2011  vs. design models for section x = 0,200 and 0,900 m 
(MPa)

x = 0,2 m Test 1 Test 2 Test 3

LP1 LP2 LP1 LP2 LP3 LP4

Girder 1 Aint.conc 0,379 0,342 0,225 0,209 0,35 0,343 (m²)

nratio 0,51 0,46 0,30 0,28 0,47 0,46 (-)

Girder 2 Aint.conc 0,237 0,197 0,472 0,409 0,497 0,406 (m²)

nratio 0,32 0,27 0,64 0,55 0,67 0,55 (-)

x = 0,9 m

Girder 1 Aint.conc 0,305 0,408 0,251 0,219 0,329 0,411 (m²)

nratio 0,41 0,55 0,34 0,29 0,44 0,55 (-)

Table 5: Interacting concrete area and the nratio

force in the steel, Fconc. = compressive 
normal force in the concrete, σbfl,m = 
mean stress at the steel bottom flange, 
σtfl,m = mean stress at the steel top 
flange, σw.t = stress at the top of the 
web, σw.b = stress at the bottom of 
the web, eneutral  = position of neutral 
bending axis (along the z-axis with the 
 origin at the upper side of the steel top 
flange, positive downwards),

econc = centre of gravity for concrete 
deck slab (along the z-axis with the 
origin at the upper side of the steel top 
flange, positive downwards),

tbfl = steel bottom flange thickness
wbfl  = steel bottom flange width
ttfl  = steel top flange thickness
wtfl  = steel top flange width
tw = steel web thickness
hw  = steel web height
n0  = short term modular ratio Esteel/
Econc.

If the measured steel strains are 
extrapolated to the centre of gravity 

for the concrete deck, then the inter-
acting concret e area, Aint.conc, can be 
calculated as below:

conc.
int .conc.

tfl neutral conc

0 neutral

F
A

e e
n e

=
⎛ ⎞−⋅⎜ ⎟
⎝ ⎠

 (6)

In Table 5, the interacting concrete 
area is presented together with nratio, 
the ratio between the measured inter-
acting concrete area and the interact-
ing concrete area according to Ref. [4], 
assuming that the prefabricated con-
 crete deck behaves as a concrete deck 
cast on-site. In the section near the 
support, x = 7,175 m, no values are 
presented. As this section is close to 
one of the supports, the stress distri-
bution in this section is not linear, and 
extrapolation of the measured strains 
is not possible.

The results from the measurement in 
2001 are incomplete, and only the steel 
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low and the measurements do not 
indicate that the total stiffness is sig-
nificantly underestimated. Another 
possible source of error in the FE 
modelling is the soil model, because it 
is based on tabled values and not on a 
field test.
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Fig. 15: Heavy transport vehicle crossing the bridge at the time of  measurement

kind can be treated as an in situ cast 
deck. In the SLS and the fatigue limit 
state (FLS), the bridge designer should 
be careful not to underestimate the 
extra load effects on the steel due to the 
partial composite action.

In the SLS and FLS, the effective width 
of the concrete can be reduced in order 
to compensate for the gap effects. For 
the bridge presented in this paper, a 
reduction factor of ~0,5 appears to be 
a good estimation in case of moderate 
loading. In the ULS, it is still reason-
able to use the effective flange width 
according to Ref. [4] for single-span 
bridge, because the joints will close 
when the load is increased. This phe-
nomenon has been seen in large-scale 
laboratory tests, and also by FE mod-
els simulating gaps in deck joints.

During the tests in 2011 a heavy trans-
port vehicle, ~200 t, crossed the bridge 
along the centreline (see Fig. 15). This 
vehicle gave steel stresses that were 
more than three times higher than 
the stresses for the test vehicle in the 

same position, and around two times 
higher than the highest stress for the 
test vehicle (~50 MPa at the bottom 
of the web). Also for this higher load, 
the stress distribution at the steel sec-
tions was almost the same, with a neu-
tral bending axis in the web ~100 mm 
below the top flange.

With regard to the long-term effect, it 
can be noted that the passive girder 
had a relatively  larger deflection, com-
pared with the active girder, in 2001 
than in 2011. This might indicate that 
there were initial gaps in the joint, 
back in 2001, which have been closed 
or at least partly closed owing to abra-
sion of irregularities at the concrete 
surfaces in the dry joints. As no mea-
surements of the absolute vertical 
position of the steel girders have been 
done in 2001 and 2012, this indication 
is hard to verify.

In all the models, the potential stiff-
ness contribution from the pavement 
and the rails has been neglected. Their 
contribution is believed to be rather 
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This paper describes the large-scale tests on a composite bridge with prefabricated 

deck elements and dry joints between the  elements. The work is part of the European 

R&D project ELEM (RFCS-CT-2008-00039). This type of bridge has been used for three 

single-span bridges in Sweden and has contributed to minimizing construction time as 

well as disturbance to traffi c. The behaviour at midspan and the behaviour over an inter-

nal support of a continuous bridge were studied in the tests, and the results analysed by 

FEM and discussed. Conclusions regarding the design of this type of bridge are drawn, 

with respect to the global analysis as well as cross-section capacity.

1 Introduction

Steel-concrete composite bridges can 
be made even more competitive by 
increasing the degree of prefabrica-
tion. Using precast concrete deck ele-
ments is one way of doing this. Bridges 
with prefabricated deck elements have 
been built worldwide for many dec-
ades, but are still rare exceptions, and 
diff erent countries have developed 
their own ways of implementing the 
prefabrication techniques. Refs. [1], 
[2], [3], [4] present some global experi-
ences gained from the use of prefabri-
cated concrete deck elements.

This paper is limited to a prefab-
ricated concrete deck system that has 
been developed in Sweden, starting in 
the late 1990s. This deck system has 
transverse joints that are totally dry, 

and no prestressing tendons are used. 
Shear forces are transferred from one 
element to another by overlapping 
concrete tongues (shear keys). These 
are designed as a series of male-fe-
male connections, see Fig. 1. This type 
of bridge deck is described in more 
detail in [5], [6]. The behaviour and 
strength of this kind of connection 
have been tested, and are discussed in 
[7].

In order to study the behaviour 
of a composite bridge with this type of 
deck, large-scale laboratory tests were 
performed in the summer of 2011. The 
tests focused on the behaviour with 
respect to shear lag, composite action, 
joint openings and the static capacity 
of the shear keys. However, this paper 
is limited to the study of the shear lag 
and composite action.

2 Laboratory tests 

The specimen and the test setup were 
planned in a way that made it possible 
to perform tests simulating both a 
load situation in the span of a contin-
uous bridge and a load situation at an 
internal support. The test specimen 
was designed with a real deck element 
(as used in a single-span bridge over 
the River Rokån in Sweden) as a 
model.

Since several diff erent tests were 
performed on one specimen, all load 
situations had to be kept below the 
failure load, thus resulting in non-de-
structive testing. Only the last test was 
destructive, when a shear key was 
loaded to failure.

As a complement to these non-
destructive tests, destructive tests were 
carried out on similar specimens by 
RWTH Aachen University in Germany. 
In the last section of this paper, the 
results from the Swedish and German 
tests are compared and discussed.

2.1 Test specimen

The test specimen consisted of two 
steel I beams, grade S355J2  N (EN 
10025-2:2004), and four prefabricated 
concrete deck elements on top of that. 
Composite action was achieved by 
shear studs, Ø22  185  mm. Fig. 2 
shows the specimen.

Each concrete element measured 
1.8  3.5  0.29  m. The depth (0.290  m) 
and the length (1.8  m) of the elements 
tested match those of the prefabri-
cated elements previously used in real 
single-span bridges. Full depth was 
used in order to get real dimensions 
for the shear keys and to avoid discus-
sions about how scale factors aff ect 
the results. The length of the deck el-Fig.  1. Shear keys in a dry deck joint in a large-scale test specimen

Large-scale tests on a composite bridge with pre fabricated 
concrete deck and dry deck joints
Robert Hällmark
Peter Collin
Martin Nilsson
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ning. Self-compacting concrete (SCC) 
was used to cast the channels on top 
of the steel beams in order to achieve 
composite action. Six test cubes were 
cast. Three of them were tested after 
12  days, when the large-scale tests 
started, the remaining cubes were 
tested after 28  days. Table  1 shows the 
SCC properties and the tested charac-
teristics of the fresh SCC concret e. 
Table  2 shows the properties of the 
hardened concrete.

fc,cyl  fc,cube(0.84 – 0.0012 · fc,cube) (1)

fct  0.9 · 0.9 · fct,sp (2)

E  22 · (fcm,cyl/10)0.3 (3)

All elements were produced by a con-
crete workshop specialized in prefab-
ricated elements. In order to assure 

This means that the specimen has been 
scaled down in the transverse direc-
tion, and that only the internal part of 
the deck slab is considered. Due to 
the size limitations of the test rig, the 
cantilevering parts of the deck slab 
have been omitted.

The concrete strength class or-
dered was C35/45. Three test cubes 
(100  100  100  mm) were cast for 
each element. The compressive strength 
of these cubes was tested at the same 
time as the large-scale tests were run-

ements is generally governed by the 
distance between the parapet posts, 
which means 1.8–2.0  m in Sweden. 
By using the same position of the post 
on each element, this results in bene-
fi ts for both production and design. 
The width of the concrete deck ele-
ments in the test bridge is 3.5  m and 
the distance between the steel beams 
is 3.0  m. Generally, the distance be-
tween the beams is somewhere be-
tween 4 and 7  m in Sweden, depend-
ing on the total width of the bridge. 

Fig.  2. Plan on and section through the test specimen [mm]

C35/45 SCC Specifi cation Measured properties

VCT 0.4 –

Air 4.0 %

t500    3–4 sec 5.5 sec

slump fl ow 720  30 mm 620 mm

Table  1. SCC specifi cation for in situ channels, and measured properties

Cast date Test date Age Pc fc,cyl* Pct fct** E***

[days] [kg/m³] [kN] [MPa] [kN] [MPa] [GPa]

Element 1 2011-03-31 2011-06-13 74 2295 592 45.9 – – 34.7

Element 2 2011-04-05 2011-06-13 69 2282 622 47.6 – – 35.1

Element 3 2011-04-05 2011-06-13 69 2319 629 47.9 – – 35.2

Element 4 2011-04-06 2011-06-13 68 2331 620 47.3 – – 35.1

SCC-channel 2011-05-20 2011-06-17 28 2353 1224 42.0 – – 33.8

SCC-channel 2011-05-20 2011-06-01 12 2359 1175 40.5 134 3.0 33.5

Table  2. Properties of hardened concrete

*  Calculated value according to Equation 1, Betonghandboken 11.11:10 [8]
**   Calculated value according to Equation 2, EN 1992-1-1 (3.3) [9]
***  Calculated value according to Equation 3 (fcm in MPa), EN 1992-1-1 Table 3.1 [9]
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the irregularities in the dry joints are 
smoothed by local concrete crushing, 
resulting in a better fi t after a couple 
of large load cycles. The shear-lag ef-
fect was also studied in order to fi nd 
out if a bridge of this type behaves as 
a conventional composite bridge re-
garding shear lag in the span sections.

The load was applied in two dif-
ferent ways. First as a point load, 350 

350  mm, acting on the centre-line of
the bridge, then as two point loads
acting straight above the steel beams.
The latter was achieved by using a
spreader beam as sho wn in Fig. 5.

The hydraulic jack used in all tests 
had a maximum capacity of 700  kN. 
During the static tests it was deforma-
tion-controlled with a stroke rate of 
0.02–0.03  mm/s during the loading 
sequence, and 0.05  mm/s during un-
loading. In the case of cyclic loading, 
the jack was load-controlled with a 
frequency of 0.0333  Hz.

2.3 Measuring devices

During the tests, six channels were 
used to measure the defl ections and 
nine channels were used for steel strain 
measurements. In total there were 51 
channels measuring concrete strains, 
reinforcement strains, joint openings, 
etc.

Defl ections
Defl ections were measured in the 
middle and at the end of the beams. 
Six LVDTs (linear variable diff erential 
transformers) were used, denoted LU1 
to LU6. The LVDTs were mounted ver-
tically and measured the defl ection on 
top of the low stiff  eners. Fig. 6 shows 
a plan of the defl ection measurement 
points.

internal support at x  0.000  m. Two 
things are of special interest under 
this load situation. Firstly, will the 
bridge beams behave as composite 
sections in terms of defl ections and 
stresses? Secondly, how much of the 
force will enter the very short con-
crete slabs and how will it be distrib-
uted due to shear lag?

Test set up 2
Fig. 4 shows a sketch of the second 
test setup. This setup was used to 
study whether or not a bridge of this 
kind behaves as an ordinary compos-
ite bridge in the spans. Whether the 
behaviour changes after a couple of 
large load cycles was also checked. 
This was done in order to fi nd out if 

the accuracy of fi t in this kind of joint, 
match-casting of the joints was neces-
sary. The precision of the match-cast 
joints was measured with a feeler 
gauge before the channels were cast, 
and composite action achieved. The 
mean value of the gap was  0.4  mm.

2.2 Test setup

Throughout this paper, the x axis is 
defi ned with its origin in the joint be-
tween elements 2 and 3, and is de-
fi ned as positive in the direction of 
increasing element numbers.

Test setu p 1
Fig. 3 shows a sketch of the load situ-
ation in the fi rst test setup, with an 

Fig.  4. Test setup 2

Fig.  5. Two point loads applied straight 
above the steel beams

Fig.  3. Test setup 1

Fig.  6. Defl ection measurement points
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ation as well as the rotation due to the 
settlement at the negative support, see 
Eqs. (4)–(7).

LU2bend  LU2 – LU5  (LU1–LU5)
(4)

LU4bend  LU4 – LU6  (LU3–LU6)
(5)

LU5bend  LU5 – (LU1  LU2)/2 (6)

LU6bend  LU6 – (LU3  LU4)/2 (7)

The vertical deformations from tests 
1–8, LU2bend and LU4bend, are all 
plotted on the same load–deforma-
tion diagram, se e Fig. 8. The vertical 
deformations from tests 9–13, LU5bend 
and LU6bend, are shown in the same 
fi gure.

Steel strains
In order to study to what extent the 
concrete interacts with the steel, nine 
strain gauges were attached to one of 
the steel beams. By measuring the steel 
strains in the top and bottom of the 
web, the position of the neutral bend-
ing axis can be calculated and the area 
of interacting concrete estimated. In 
order to get a third reference point, an 
extra strain gauge was attached to the 
middle of the web. The strain gauges 
were all located over the length of El-
ement  3. Fig. 7 shows the positions of 
the strain gauges.

2.4 Test schedule

The test schedule is presented in Ta-
ble  3. 

3 Results

The results from the defl ections meas-
urements and the steel strain meas-
urements are presented in the follow-
ing sections.

3.1 Defl ections

The defl ections given here are the de-
fl ections caused by pure bending, 
which means that the support settle-
ments have been taken into consider-
ation in the case of a simply supported 
beam, test setup 2 (tests 9–13). In test 
setup  1 (tests 1–8) the support settle-
ments have been taken into consider-

Test no: Type of load situation Force Number of cycles

Test 1 Set-up 1 – one point load 100 kN –

Test 2 Set-up 1 – one point load 280 kN –

Test 3 Set-up 1 – two point loads 310 kN –

Test 4 Set-up 1 – two point loads 430 kN –

Test 5 Set-up 1 – two point loads 5–250 kN  50 cycles

Test 6 Set-up 1 – one point load 250 kN –

Test 7 Set-up 1 – two point loads 400 kN –

Test 8 Set-up 1 – two point loads 5–250 kN  50 cycles

Test 9 Set-up 2 – two point loads 500 kN –

Test 10 Set-up 2 – two point loads 5–450 kN 100 cycles

Test 11 Set-up 2 – one point loads 300 kN –

Test 12 Set-up 2 – one point loads 450 kN –

Test 13 Set-up 2 – one point loads 5–400 kN 100 cycles

Table  3. Test schedule

Fig.  7. Installation scheme for steel strain gauges

Fig.  8. F-  diagram for tests 1–8, LU2bend and LU4bend, and tests 9–13, LU5bend 
and LU6bend
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BM-1
In the fi rst model the beam is mod-
elled as the steel cross-section only. 
This provides a reference value for 
how the bridges would behave if there 
was no interaction at all between steel 
and concrete.

BM-2
The second model assumes that the 
concrete interacts with the steel over 
the full width of the deck, and that 
there are no joints in the deck. This 
provides a reference value for how 
the bridges would behave if the part 
studied is a conventional composite 
cross-section subjected to a negative 
bending moment, and with no shear 
lag – generally, a span section.

BM-3
The third model includes the shear 
lag in the concrete deck. The distance 
Le between the points of contrafl ex-
ure for the bending moment is the 
length of the test bridge for positive 
moments, and the distance between 
the outmost shear studs within one 
element in the case of negative bend-

performed with a focus on how the 
behaviour of this type of bridge sec-
tion can be best described with ordi-
nary beam models. Diff erent design 
assumptions have been made, result-
ing in four diff erent beam models. 
These models have also been com-
pared with the test results. FE analy-
ses were carried out, too, in order to 
see if more advanced modelling agrees 
better with the test results.

In all the models, the steel parts 
are modelled with E   210  GPa and 
the concrete elements with E  
35.0  GPa, which corresponds to the 
material parameters of the tests.

4.1 Design models

Beam models
The beam models were developed in 
line with [9] and the general way of 
designing composite bridges in Swe-
den. One of the questions raised is to 
what extent the concrete interacts 
with the steel. The test results have 
been compared with four diff erent 
beam models, with varying widths of 
interacting concrete , see Fig. 11.

3.2 Steel strains

The steel strains were measured at 
three points in three sections. All 
strains have been transformed into 
stresses according to Hooke’s law, as-
suming Esteel  210  GPa.

 E ·   (8)

The fi rst section is located 0.050  m 
from the internal support, i.e. 0.050  m 
from the joint between elements  2 and 
3. The second section is located 0.850  m
from the internal support, i.e. 0.050  m
from the middle of element  3. The third
section is located 1.800  m from the in-
ternal support, i.e. at the joint between
elements  3 and 4. Fig. 7 shows the loca-
tions of the steel strain gauges (FS1–9).
The results from the measurements are
summarized in Fig. 9 and Fig. 10.

4 Analysis

In Sweden, the general way of per-
forming global analyses on composite 
bridges so far is by using beam mod-
els. The analyses in this section were 

Fig.  9. Longitudinal steel stresses in test setup 1, measured at section x  0.050/0.850/1.800 m

Fig.  10. Longitudinal steel stresses in test setup 2, measured at section x  0.050/0.850/1.800 m
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situ channels are modelled with no 
gap.

4.2 Defl ections

The defl ections are studied in order to 
discover to what extent the prefabri-
cated concrete deck infl uences the 
stiff ness and in order to obtain a bet-
ter understanding of how a bridge of 
this type should be modelled in a 
global analysis.

The measured defl ections are 
compared with the calculated defl ec-
tions according to the four beam mod-
els, and to the defl ections achieved 
with the FE models. The calculated 
defl ections for the beam models are 
the results of the defl ections caused 
by bending and support rotations, but 
also due to shear deformations in the 
web. For test setups  1 and 2, this extra 
deformation is calculated according 
to Eq. (9) and Fig. 13.

(9)Shear L V
Aw G

The measured defl ections were not 
truly elastic. In general, the results in-
dicate a linear behaviour during the 
loading and unloading sequence, but 
part of the deformation remains. Tests  2 
and 6 are used to illustrate the diff er-
ences in defl ection during the fi rst 
large load cycle in comparison to the 
defl ections when a similar load is re-
peated, see Fig. 14.

Since the calculation models as-
sume a concrete stiff ness that corre-
sponds to short-term loading and a 
linear elastic behaviour, the elastic 
deformations are presented separately 
in Table  4 and Table  6.

Test setup 1
The extra defl ection caused by shear 
is included in the defl ections presented 

ing moments. The latter results in a 
large reduction in the width of the in-
teracting concrete.

BM-4
Only the in situ concrete is taken into 
account in this model.

FE models
All fi nite element calculations were 
carried out using Autodesk Robot, 
and all materials are modelled as lin-
ear elastic. The steel and concrete are 
modelled with shell elements. Rigid 
elements are used to model the eccen-
tricity between the concrete deck slab 
and the top fl ange. The general model 
is illustra ted in Fig. 12. FEM-1 is mainly 
interesting for test setup  1, FEM-2 and 
FEM-3 for test setup  2.

FEM-1
In this model the concrete deck ele-
ments are modelled with no connec-
tions at all in the dry joints. The ele-
ments are allowed to deform inde-
pendently and freely. This model is 
mainly used to study the global behav-
iour at an internal support, and to cal-
culate the steel stress distribution.

FEM-2
This model is similar to FEM-1, but 
the deck slab is modelled as one con-
tinuous slab without any joints, and is 
most interesting for test setup  2. This 
is a model that should be equal to the 
case with an in situ deck slab in com-
pression.

FEM-3
FEM-3 is similar to FEM-2, but the 
joints are modelled as non-linear with 
initial gaps of 0.4  mm, which close 
 under the defl ection. The initial gap 
width was chosen based on feeler 
gauge measurements. However, the in 

Fig.  11. The four beam models

Fig.  12. The FE model

Fig.  13. Shear deformation notation
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design models, the measured defl ec-
tions have been used to calculate the 
corresponding moment of inertia and 
the theoretical interacting concrete 
width beff ,conc assuming that the deck 
slab interacts evenly over its thick-
ness, see Eqs. (10), (11), Fig. 15 and 
Table  5. The corresponding value has 
also been calculated for a cracked sec-
tion, beff ,reinf. However, the concrete 
stresses are low and no signs of crack-
ing have been observed.

bend  measured – shear (10)

I
Fa2L2

4E bend

1 a
3L2

FaL2L1

6E bend

(11)

larger than those predicted by the 
model.

The measured defl ections are all 
very small since the specimen is very 
stiff . The longitudinal strains in the 
prestressed rebars that act as a nega-
tive support are almost of the same 
magnitude, resulting in rotation of the 
whole specimen about the internal 
support. The measured defl ections 
have therefore been split into defl ec-
tions caused by pure bending and de-
fl ections caused by rotation. This math-
ematical operation, which is based on 
the assumption of linear behaviour 
along the girder, adds a further source 
of error to the measured defl ections.

Besides the comparison between 
the measured values and the diff erent 

for the beam models. The fi rst test is 
excluded throughout the analysis due 
to the large permanent deformations.

The fi rst beam model, BM-1, gives 
the level of the maximum defl ection 
that can occur, since it is based on the 
assumption of no composite action. 
The defl ections predicted by BM-1 are 
all in the range of 7–15  % larger than 
the measured defl ections.

The other beam models are all 
far too stiff ; BM-2 and BM-3 predict 
defl ections that are 40–65  % smaller 
than the measured values. Even BM-4 
is too stiff , even though only the con-
crete channel is taken into account. 
In an ordinary composite bridge this 
would be an indication that the con-
crete had cracked, and should be re-
placed by the stiff ness of the reinforced 
section. However, the measured con-
crete stresses were in this case very 
small, and there were no visual signs 
of cracking. In the comparison of the 
eff ective width (later in this paper), 
the interacting widths have been cal-
culated for both concrete and rein-
forcement.

FEM-1 indicates a behaviour 
somewhat stiff er than the test results. 
The measured defl ections are 3–10  % 

Fig.  14. Load–deformation diagram for test 2 (left) and test 6 (right), LU2bend and LU4bend

Load LU2 LU4 BM-1 BM-2 BM-3 BM-4 FEM-1 FEM-2 FEM-3

F [kN] el el

Test 1 100 –2.7 –2.3 –2.5 –2.3 –3.1 –1.1 –1.7 –2.0 –2.6 – –

Test 2 280 –8.8 –7.8 –8.6 –7.6 –8.8 –3.0 –4.7 –5.7 –7.3 – –

Test 3 310 –9.7 –9.2 –9.1 –8.8 –9.7 –3.3 –5.2 –6.3 –8.1 – –

Test 4 430 –13.3 –12.8 –12.9 –12.4 –13.5 –4.6 –7.2 –8.8 –11.2 – –

Test 5 5–250 –7.0 –7.0 –7.1 –7.1 –7.9 –2.7 –4.2 –5.1 –6.5 – –

Test 6 250 –7.1 –7.0 –6.9 –6.9 –7.9 –2.7 –4.2 –5.1 –6.5 – –

Test 7 400 –11.1 –10.9 –11.3 –11.1 –12.6 –4.3 –6.7 –8.2 –10.4 – –

Test 8 5–250 –7.3 –7.3 –7.1 –7.1 –7.9 –2.7 –4.2 –5.1 –6.5 – –

Table  4. Test setup 1, vertical defl ections at x  3.600 m, measured vs. calculated [mm]

Fig.  15. Schematic deformation fi gure and notation for test setup 1
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tion, even near the joints. Due to the 
rather low load, the joint gaps will have 
quite a high infl uence on the stiff ness.

The corresponding moment of 
inertia and the interacting concrete 
width beff ,conc have been calculated 
for the measured defl ections, Eq. (12) 
and Fig. 16.

 (12)

I
F(L a) L2

96E
3

4 L a
2

L2

for

a L
2

with a gap width of 0.4  mm, the de-
fl ections at midspan will be 10–13  % 
smaller than the measured values.

It is obvious that the joints infl u-
ence the global stiff ness. However, in 
the tests the percentage infl uence of 
the joints is believed to be dispropor-
tionately large because the permissi-
ble stresses in a real bridge are much 
higher. The stress levels in the bottom 
fl anges in test setup  2 are always 
 60  MPa. A gap will decrease the stiff -

ness up to the point when it is closed,
and from that point on the stress will
be distributed over the composite sec-

Test setup 2
Among the beam models studied, the 
measured defl ections are best de-
scribed by BM-3. This produces de-
fl ections that are 15  % smaller than 
the measured values. However, the 
measured defl ections are very small, 
which means that the infl uence of 
small gaps in the joints can be quite 
high. This eff ect is believed to decrease 
as the load and the deformations in-
crease. FEM-3 is used to study how 
the gaps infl uence the defl ections.

FEM-2, which represents an in 
situ slab with full interaction between 
steel and concrete, produces defl ec-
tions that are 20  % smaller than the 
measured values. This indicates that 
the joints reduce the overall stiff ness, 
resulting in larger deformations. The 
joints are modelled with small gaps in 
FEM-3. This means that the specimen 
must defl ect before the deck elements 
transfer longitudinal forces across the 
joints. When the joints are modelled 

Test set-up F L1 L2 L a bend Icalc beff ,conc beff ,reinf

[kN] [m] [m] [m] [m] [mm] [m4] [mm] [mm]

Test 1 1 100 3.260 3.600 – 3.405 –2.1 0.003204 74 –

Test 2 1 280 3.260 3.600 – 3.405 –7.1 0.002605 24 830

Test 3 1 310 3.260 3.600 – 3.405 –8.3 0.002466 14 480

Test 4 1 430 3.260 3.600 – 3.405 –11.6 0.002435 12 404

Test 5 1 250 3.260 3.600 – 3.405 –6.5 0.002528 19 634

Test 6 1 250 3.260 3.600 – 3.405 –6.4 0.002570 22 740

Test 7 1 400 3.260 3.600 – 3.405 –10.0 0.002622 26 875

Test 8 1 250 3.260 3.600 – 3.405 –6.6 0.002491 16 542

Table  5. Calculated moment of inertia and eff ective concrete width for test setup 1

Fig.  16. Schematic deformation fi gure and notation for test setup 2

Load LU5 LU6 BM-1 BM-2 BM-3 BM-4 FEM-1 FEM-2 FEM-3

F [kN] el el

Test 9 500 –2.4 –2.1 –2.5 –2.2 –4.7 –1.8 –1.9 –3.1 – –1.6 –1.9

Test 10 5–450 –2.1 –2.0 –2.1 –2.1 –4.2 –1.6 –1.7 –2.8 – –1.4 –1.8

Test 11 300 –1.4 –1.3 –1.4 –1.4 –2.8 –1.1 –1.1 –1.9 – –0.9 –1.2

Test 12 450 –2.0 –1.9 –2.1 –2.1 –4.2 –1.6 –1.7 –2.8 – –1.4 –1.7

Test 13 5–400 –1.8 –1.6 –1.9 –1.8 –3.7 –1.4 –1.5 –2.5 – –1.2 –1.5

Table  6. Test setup 2, vertical deformations at x  0.000 m, measured vs. calculated [mm]

Test set-up F L1 L2 L a bend Icalc beff ,conc

[kN] [m] [m] [m] [m] [mm] [m4] [mm]

Test 9 2 500 – – 7.200 3.975 –1.5 0.005919 541

Test 10 2 450 – – 7.200 3.975 –1.5 0.005552 437

Test 11 2 300 – – 7.200 3.975 –1.0 0.005427 407

Test 12 2 450 – – 7.200 3.975 –1.4 0.005730 485

Test 13 2 400 – – 7.200 3.975 –1.2 0.005881 529

Table  7. Calculated moment of inertia and eff ective concrete width for test setup 2
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FE model fails to describe the stress 
state is near the support. The FE 
model indicates higher stresses near 
the bottom of the web due to the sin-
gularity point at the support. In real-
ity, load distribution steel plates (70  
300  300  mm) are used at the sup-
ports. These plates will probably inter-
act with the bottom fl ange and de-
crease the longitudinal stresses lo-
cally, which could explain the lower 
stresses in the bottom of the web.

The FE results have also been 
used to estimate the eff ective width of 
the interacting concrete area in the 
middle between two joints. This was 
done by assuming a linear strain dis-
tribution from the neutral bending 
axis up to the centre of the concrete 
deck slab. This is a simplifi cation be-
cause it has been noted that the stress 
distribution is not perfectly linear. At 
a joint the interacting concrete area is 
zero, and the FE model indicates that 
the eff ective width increases from the 
outmost row of studs to a maximum 
in the middle of an element.

If the steel stresses from the FE 
model are extrapolated up to the cen-
tre of gravity for the concrete deck, 
then the interacting concrete area 
Aint.conc can be calculated according 
to Eq. (13). The normal force in the 
deck slab is taken from the FE analy-
ses.

(13)Aint .conc.

Fconc

tfl

n0

eneutral econc

eneutral

where
Fconc normal force in concrete

tfl   stress at upper side of steel 
top fl ange

is the longitudinal distance between 
the neighbouring studs in two ele-
ments. This eff ect can be see n in Fig. 9 
and Fig. 10, which show the measured 
stresses, and is also obvious in the re-
sults of the FE analyses. Fig. 17 pre-
sents the stress distribution according 
to the FE analyses within the web plate 
for test  4. The support, at x  0.000  m, 
exhibits a disturbed stress state in the 
bottom of the web, too. Section x  
1.800  m should exhibit a more repre-
sentative stress distribution for the 
general case near an open joint.

Fig. 17 also shows that the neu-
tral bending axis is only shifted slightly 
upwards in the middle of the element, 
indicating that the concrete’s contri-
bution to the stiff ness is very limited. 
This is in line with the result of the 
tests. The stresses in the web pl ate are 
plotted in Fig. 18 from z  0.070 to 
0.730  m, for test  4, which means be-
tween the measured points, for all de-
sign models together with the meas-
ured values. The beam models fail to 
describe the stress distributions within 
the web because they are all linear. 
However, BM-4 gives a rather good 
estimation of the stress distribution 
over the composite section.

The stresses predicted by FEM-1 
are quite close to the measured 
stresses. The only section where the 

The effective concrete width is about 
two times larger than the width of the 
concrete channel. This is actually al-
most the area that is derived if it is 
assumed that Le is the distance be-
tween the outmost shear studs within 
an element, Le  1.5  m.

4.3 Steel stresses

When the measured steel stresses are 
compared with the design models, 
there is good agreement in some sec-
tions and poor agreement in others.

Test setup 1
One thing that can be seen is that the 
measured steel stress distribution is 
non-linear in the sections near the 
open joints. The linear stress distribu-
tion seems to be disturbed near the 
tops of the steel beams. However, this 
is not unexpected, since a part of the 
stresses in the steel will enter and leave 
the concrete elements within a dis-
tance of 1.5  m. At the joints the steel 
section has to carry the whole load, 
and the forces that were carried by 
the concrete a few decimetres away 
will not be distributed over the whole 
section. Instead, the stresses will be 
concentrated around the upper fl ange 
because they will start to enter the con-
crete again after just 300  mm, which 

Fig.  18. Longitudinal stresses in the web plate in test 4, x  0.050/0.850/1.800 m

Fig.  17. Longitudinal stresses in web plate s, test 4, FEM-1
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which indicates that the shear-lag 
model in [9] works very well for an in 
situ superstructure of this type. If the 
eff ective concrete width is calculated 
from of the FE model, see Eq. (13), it 
results in beff .conc  1.25  m. This can 
be compared with BM-3, which gives 
beff .conc  1.23  m.

In comparison to test setup  1, the 
measured stress state is almost linear, 
especially at a section near the middle 
of an element, x  0.850  m. A beam 
model can therefore be adjusted to fi t 
the measured stress state quite well. 
The adapted interacting concrete 
widths are presented in Table  8 for th e 
section x  0.850  m. Fig. 21 shows the 
correspondence between the meas-

0.850  m, but underestimates the infl u-
ence of the concrete at section x   
1.800  m, see Fig. 19. It would be possi-
ble to adjust the gaps individually in the 
model, trying to get closer to the meas-
ured stress distribution. However, if the 
model is calibrated for a better descrip-
tion of the stress state, it will become 
somewhat stiff er and then describe the 
defl ections less accurately. Finding the 
exact FE model is beyond the scope of 
this study since the aim here is to fi nd a 
reasonable design model for this type of 
bridge, and a non-linear FE model that 
simulates closing gaps is not the model 
this study is looking for.

It should be noted that FEM-2 
and BM-3 produce similar results, 

eneutral  position of neutral bending 
axis*

econc  centre of gravity of concrete 
deck slab*

n0  short-term modular ratio Es-
teel/Econc

(* along the z-axis with the origin at 
the upper side of the steel top fl ange, 
positive downwards)

FEM-1, test 4

Aint .conc.
475 103

27.5 106

6.0
0.270 0.145

0.270

0.0674 m² and hconc  0.290 m 
beff ,conc  0.232 m 

The calculated eff ective concrete width 
is almost the same as the mean width 
of the concrete channels, 0.225  m. 
However, this calculation is based on 
the assumption that the longitudinal 
concrete stress is distributed over the 
full depth of the concrete deck. The 
FE model and the measurements indi-
cate that the forces that enter the con-
crete are not distributed evenly over 
the section. The eff ective width should 
be even less in order to take the un-
even vertical distribution into account. 
And the mean value of the eff ective 
width over the length of an element will 
be 100  mm, assuming a linear longi-
tudinal distribution from the joints to 
the middle of an element.

Test setup 2
In this case, too, it is obvious that the 
interacting concrete area is heavily in-
fl uenced by the joint gaps, see Fig. 20. 
FEM-3 is the model that comes closest 
to the measured values. It describes the 
measured stress state rather well at the 
fi rst two sections, x  0.050 and x  

Fig.  20. Longitudinal stresses in web plates, test 9, FEM-2 and FEM-3

Table  8. Eff ective concrete width for the beam model, adapted from the stress 
measurements

x  0.050 m x  0.850 m x  1.800 m

F [kN] beff ,conc [mm] beff ,conc [mm] beff ,conc [mm]

Test 9 500 400 500 450

Test 10 450 380 450 450

Test 11 300 300 450 450

Test 12 450 320 480 450

Test 13 400 320 470 450

Fig.  19. Longitudinal stresses in web plate in test 9, x  0.050/0.850/1.800 m
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below are followed, the design should 
be on safe side.

The recommendations below are 
based on the test data available from 
just two diff erent tests, carried out by 
LTU and RWTH, and further tests 
might give grounds for a revision of 
the recommendations.

When the resistance of a cross-
section is checked, it is suggested to 
design the steel section to carry the 
whole load if the top fi bre of the steel 
girder is in tension. For an in situ sec-
tion, the resistance of the steel section 
plus the longitudinal reinforcement is 
normally used. This is generally the 
case in areas with hogging moments. 
However, prestressing forces can be 
used to keep the deck in compression 
in areas of hogging moments as well. 
If the top fi bre of the steel girder is in 
compression, composite action can be 
assumed. However, it is suggested that 
diff erent eff ective concrete widths be 
used for SLS and ULS. In ULS it is 
reasonable to use the eff ective con-
crete width according to [10], which is 
used on continuous deck slabs, since 
the infl uence of the joint gaps will di-
minish as the load increases. The plas-
tic capacity in these sections will not 
be aff ected by small initial joint gaps 
(   0.5  mm). In SLS and FLS the eff ec-
tive concrete width should be reduced 
in comparison to [10]. It is suggested 
that the distance Le between the points 
of contrafl exure for the bending mo-
ment be reduced to the distance be-
tween the outmost shear studs within 
one element.

Two possible reasons as to why 
the interacting concrete area in com-
pression is limited to an area about 
twice as wide as the concrete channel 
have been discussed. In the fi rst rea-
son it is assumed that there are joint 
gaps that make the forces in the con-
crete enter and leave the element 
within a length equal to the maximum 
distance between the shear studs 
within the element. This assumption 
produces results close to the meas-
ured values. The other explanation is 
that the in situ channel and the con-
crete paste that leaks out and fi lls the 
joint gaps near the channel might 
make the initial gap more or less per-
manent outside this area. This part of 
the concrete will carry the total load 
until it is compressed up to the size of 
the gap, then the other concrete part 
will start to contribute to the load-

and the local stress distribution for 
moderate loads.

At the load levels used in the 
tests, the width of the interacting con-
crete is best described by assuming 
that Le is equal to the maximum lon-
gitudinal spacing of the shear studs 
within a single element (1.5  m). This 
observation is also supported by the 
test results from RWTH Aachen Uni-
versity [11]. The model suggested for 
the global analysis is most suitable for 
SLS and FLS. It is reasonable to be-
lieve that the infl uence of the joint 
gaps will decrease as the load in-
creases. This has been validated by 
performing calculations with increas-
ing loads in FEM-3, and also by tests 
performed at RWTH Aachen Univer-
sity. These tests indicate that the com-
posite section of a bridge of this type 
has an ultimate limit capacity in line 
with the capacity for a composite sec-
tion, according to [10], with an in situ 
deck slab. The tests in Aachen show 
that this is valid even for joint gaps as 
large as 5  mm. This should be com-
pared with 0.4  mm gaps, which was 
the permissible mean tolerance in the 
fi rst three bridges constructed in Swe-
den with this type of deck. The results 
from these tests will be published in 
the fi nal report of the RFCS project 
ELEM, which will be available in late 
2012. [11] 

The FE models as well as the 
measured data indicate that the verti-
cal stress distribution is non-linear, 
especially near an open joint. Stress 
concentrations can be expected in the 
top of the steel beam. This should be 
kept in mind when designing this type 
of bridge, especially for fatigue load-
ing. However, if the methods suggested 

ured stresses and the adjusted beam 
model. In the cases with two point 
loads acting directly above the steel 
girders, tests  9 and 10, the correspond-
ence is really good. In the case with a 
point load between the elements, 
tests  11–13, the stress distributions 
within the web are non-linear. In these 
cases the beam model still describes 
the stress state pretty well.

5 Discussion and conclusions

The defl ections measured in both test 
setups indicate a lower stiff ness than 
expected. In areas with negative bend-
ing moment, the eff ect of the interact-
ing concrete seems to be negligible. In 
the case of positive bending moments, 
the interacting concrete area is lim-
ited to a width that is about two times 
larger than the width of the concrete 
channel.

Based on the former observation, 
in the global analysis of a multi-span 
bridge of this type it would be reason-
able to model the support areas with 
the stiff ness of the steel section only. 
This was also the model suggested be-
fore the tests were performed. The lat-
ter observation was more unexpected 
since it indicates that the eff ective 
width of the compressed concrete is a 
lot smaller compared with that of an 
in situ concrete deck. Single-span 
bridges of this kind have been de-
signed with the assumption that the 
deck behaves as in situ concrete. The 
results from these tests together with 
results from fi eld monitoring of a sin-
gle-span bridge indicate that this as-
sumption should be revised, at least in 
SLS and FLS since the dry joints have 
a signifi cant infl uence on the stiff ness 

Fig.  21. Measured steel stresses for tests 9–13 vs. adapted beam model, x  0.850  m
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Strengthening Bridges with Postinstalled Coiled Spring Pin
Shear Connectors: State-of-the-Art Review
Robert Hällmark1; Paul Jackson, Ph.D.2; Peter Collin3; and Harry White, P.E.4

Abstract: Many existing bridge structures experience much more significant loads and load cycles than were anticipated when the bridges
were originally designed. An effective way to increase the load capacity and fatigue resistance of bridge structures with steel girders and a non-
composite concrete deck is to retrofit the structure with shear connectors to create a composite girder–deck structure. This article presents a
state-of-the-art study of postinstalled shear connectors in general and coiled spring connectors in particular. The strengthening method is
described, together with experiences from real bridge strengthening projects and a study of load capacity and structural behavior.

Author keywords: Shear connector; Composite action; Coiled spring pin; Bridge strengthening; Rehabilitation; Bridge.
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Many existing road bridges, all over the world, were not designed
for the high service loads and the increased number of load cycles
to which they are exposed to today. Complete replacement of all of
these structures is impractical. To meet the ever-increasing demand,
there will be a continuous need for strengthening bridges that are in
good condition but may have slightly inadequate load capacity.

Today, steel girder bridges with concrete decks are normally
designed as composite structures, with few exceptions. Some 
countries, like Sweden (STA 2016), make composite construction 
a requirement for structures of this type. However, even as late as
the 1980s, steel girder bridges in Sweden were often constructed
with a noncomposite concrete deck slab. One way of increasing 
the traffic load capacity for existing bridges of this type is to 
create composite action by connecting the concrete slab to the 
steel girders. This permits the steel girders to work with the 
concrete deck to carry traffic loads more efficiently than in the 
original noncomposite condition. Because the permanent loads 
are already in place, the effect will only influence the live loads 
and subsequent dead loads.

In the National Transport Administration’s bridge management
system in Sweden, Finland, and Norway, there are more than 
2,000 noncomposite steel girder bridges in these three countries 
alone. This implies that there are many existing bridges with a
potential for additional traffic load capacity if composite action
can be created.

1Luleå Univ. of Technology, 971 87 Luleå, Sweden; Swedish

Transport Administration, SE-781 89 Borlänge,Sweden.
2Ramboll, Ringwood Rd., Woodlands, Netley Marsh, Southampton 

SO40 7HT, UK.
3Professor, Luleå Univ. of Technology/Ramboll, 972 33 Luleå,

Sweden.
4Engineering Research Specialist II, New York Dept. of Transportation,

50 Wolf Rd., Albany, NY 12232 (corresponding author). Email: 
hwhite@ dot.state.ny.us

Composite action can be achieved by many different types of 
shear connectors. Welded headed shear studs (WHSs) are by far 
the most common shear connector for newly constructed 
structures because the top flange is exposed, and the installation 
of the welded studs is quick and efficient. For existing 
structures, however, installing WHSs would require the removal 
of large sections of the concrete deck. Other types of 
connectors, especially connectors that can be installed from 
beneath the bridge without affecting the road surface, are more 
practical.

One type of such a connector is referred to as a coiled spring
pin (CSP). The CSP has been found to provide excellent 
composite behavior using simple installation techniques that can 
be wholly accomplished from below the deck, without requiring 
the removal of any part of the concrete deck, and while subjected 
to live loads.

Postinstalled shear connectors are an excellent way to 
increase the load capacity of a bridge system with steel girders 
and a noncomposite concrete deck while also minimizing 
costs and impacts to the traveling public. To ensure composite 
action, various types of shear connectors have been 
used for postinstallation in existing steel–concrete 
structures. Although several types of postinstalled anchors are 
discussed herein, this list is by no means exhaustive. The 
examples  shown  are  just  to give the reader a basis for 
comparison between some of the most basic types. 

composite bridges are undoubtedly WHSs, as 
shown in Fig. 1(a). Extensive research has been conducted 
on this type of shear connec- tor, and their design is 
covered by international material as well as design
standards (CEN 2004, 2005; ISO 2008).

Strengthening of existing bridges by the installation of 
welded shear studs is possible but not practical. The 
strengthening work requires the removal of any overlay and 
waterproofing, water jetting to remove the existing concrete, 
installation of new welded shear studs, casting and curing of new 
replacement concrete, rewaterproofing, and resurfacing. During 
this time, the bridge area affected by the construction cannot be 
used. Note also that the concrete removal, especially for the 
fascia beams, must be performed in short intermittent  stages 
because  the transverse  reinforcement  may  be inadequate to 
resist  the  bending  moment  from  the  weight  of  the  slab

© ASCE 031nnnnn-1 Pract. Period. Struct. Des. Constr.
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F1 : 1 Fig. 1. Examples of different types of postinstalled shear connectors: (a) welded headed shear stud; (b) high-tension friction grip bolt; (c) adhesive 
F1 : 2 anchor; (d) double-nut bolt; (e) bolt without embedded nut; (f) single-nut bolt; (g) threaded shear stud; (h) blind wedge or sleeve anchor bolts; and 
F1 : 3 (i) interference-fit pins (slotted spring pin and coiled spring pin).

F2 : 1 Fig. 2. Postinstallation of welded shear studs. 
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over longer stages. An example of the intermittent staging, taken
from a project in Norway (Halden 2015), is shown in Fig. 2.

For structures with steel girders fabricated in the first half of
the 20th century, welded shear connectors are not even possible
because steel of that vintage is typically not suitable for welding.
In these cases, other types of shear connectors must be used. 
There have been many studies of postinstalled shear connectors,
many with a focus on partial composite action. Examples of such
studies are presented in the following sections, which cover
several types of shear connectors and include static and fatigue
tests, finite- element analysis (FEA) computer modeling, full-
scale beam tests, and strengthening projects on in-service bridges.

Friction grip bolts, as shown in Fig. 1(b), have been studied
through laboratory tests and numerical analysis (Kwon 2008;
Kwon et al. 2009; Chen et al. 2014; Liu et al. 2016). Similar tests 
and analyses have been done on adhesive anchors and the double-
nut bolts, as shown in Figs. 1(c and d) (Kwon 2008; Kwon et al. 
2009; Patel 2013; Ghiami Azad 2016; Kreitman 2016). The 
behavior of this type of connector has also been tested by field
monitoring of two strengthened bridges (Kwon et al. 2009; Peiris 
and Harik 2016). The behavior of bolts with and without a single 
embedded nut, as shown in Figs. 1(f and e), has been compared 
to the behavior of WHSs of the same dimension (Dedic and 
Klaiber 1984). More recently, additional push-out tests combined 
with advanced numeri- cal modeling have been performed on 
bolts with single embedded nuts (Pavlovic et al. 2013).

Studies of demountable connectors, which are traditional shear
studs machined and threaded in the lower part to enable them to
be connected like bolts to the flange, as shown in Fig. 1(g),
showed lower initial stiffness compared with welded studs of the
same dimensions but similar behavior as welded studs for large-
scale beam tests (Moynihan and Allwood 2014; Lam et al. 
2013).

use of blind wedge bolts, similar to what is shown in Fig. 1(h),
has

Two examples of interference-fit shear connectors are slotted
tension pins and coiled spring pins. The cross sections of these two
types of pins are given in Fig. 1(i). The coiled spring pin is of most
interest for bridge applications because the compressive stresses
within the pin are more uniformly distributed compared with the
slotted pin. Interference-fit, also referred to as press-fit or friction- 
fit, shear connector pins offer the possibility of converting a non-
composite deck into a composite without interrupting the traffic on
the bridge. This is possible because the pins are secured to the steel 
and concrete using only the force created by the compressed pin
itself. It should be noted that chemical anchors, expansion bolts, 
and other types of postinstalled shear connectors also offer the pos- 
sibility to complete the installation from below the bridge deck, but
these types usually involve at least one work stage where the bridge 
is closed to live loads.

A CSP is a type of tension pin or roll pin, as shown in Fig. 3. The
static and fatigue behavior of coiled springs used to connect one
steel part to another steel part is well known. The use of coiled
spring pins as shear connectors in steel–concrete composite struc-
tures, where they will connect parts with completely different
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F3 : 1  Fig. 3. CSP and its cross section.
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material properties, is not well documented. As such, CSPs have
been used as fasteners in many industries for decades but are not a
common shear connector in civil engineering structures 
(Pritchard 1992; Buckby et al. 1997).

140 Before installation, the unloaded CSP has a diameter slightly
141 larger than the hole it will be installed in. At installation, the spring
142 pin is compressed as it is forced into the smaller hole to achieve an
143 interference fit. This is also sometimes referred to a press fit. After
144 the installation, a radial spring force keeps the coiled spring pin con-
145 nected to the steel and the concrete.

146 CSPs are a standard component, available in an outer-diameter
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range of less than 1 mm (0.039 in.) up to 20 mm (0.787 in.). The
connectors available on the market are made from steel plates that
are spirally wound 2.25 times around the central axis of the pin.
The exact dimensions are governed by the international standard 
(ISO 2007). Only a few bridges around the world have been
identified as using CSPs for strengthening purposes. All the
bridge applications so far have used heavy-duty types of pins
with an outer diameter of 20 mm (0.787 in.) and a steel plate
thickness of 2.2 mm (0.087 in.).

The typical reasons that a bridge would undergo a conversion from
noncomposite to composite are to increase the live-load capacity of
the beams/girders or to increase the fatigue resistance of the existing
shear studs. A less typical reason, as will be outlined by the
Swedish example, is an exception in which the shear connectors
were installed to make the bridge silent. In addition to the
projects presented in this article, the use of CSPs has been
considered in additional bridge rehabilitation projects in the
United Kingdom but has not beenrealized.

The first bridge application found in the literature is the upgrade
of the Docklands Light Railway (DLR) in London in 1988. In the 
late 1980s, even before the new composite bridges were finished
and opened to traffic, the projected traffic had increased eightfold.
The increased load and number of load cycles significantly
reduced the fatigue life of the shear studs, in some cases from 120
years down to 30 years. As a consequence, the existing shear
connection had to be strengthened. To do this without disturbing 
the train traffic on the bridge, new shear connectors had to be
installed from under the
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Different solutions were considered and tested in a lab- oratory on
push-out specimens. Both slotted tension pins and CSPs showed
greater strength and fatigue capacity than the original welded
shear studs of 19 mm (0.748 in.) in diameter, with the CSPs
performing slightly better. As a result, CSPs were installed on the 
bridge (Pritchard 1992).

In 2008, the bridges were further strengthened with additional 
CSPs. This was done to increase the fatigue capacity due to
increases in the number of trains and the number of cars per train. 
The design of the second strengthening was based on the outcome 
of the first DLR strengthening project and the knowledge achieved 
from the two projects that is presented in the two following
sections. No new tests were performed.

pgrading the fatigue life of a composite bridge on a light railway 
system in Canada. The tests previously performed for the DLR
project were considered to be insufficient to validate the capacity
of this type of connector in the Canadian multispan composite box- 
girder bridge. To gather more data on the load–slip behavior, under 
both static and cyclic loading, 15 tests were performed on push-out 
test specimens. The design of the strengthening of this bridge was 
based on these test results and the established design formulas. In 
1995, the strengthening work was finished after 6 months of instal-
lation, without any interruption of the traffic running on the bridge 
(Buckby et al. 1997). 

The Tinsley Viaduct in the United Kingdom is a steel–concrete
box-girder road bridge that was strengthened with CSPs in 2001. 
Unlike the previous two projects, the Tinsley Viaduct was mainly 
strengthened for static load. Because the steel flange thickness
[9.5– 17.5 mm (0.374–0.689 in.)] was far below the flange
thicknesses tested for the DLR and the Canadian bridge [at least 25 
mm (1 in.)], new laboratory tests were performed but have not
been published.

(72- to105-
dB) banging sounds occurring in the early morning hours of the
winter months. The bridge owner started several investigations, of 
which the final one suggested that the loud bangs were caused by
sudden shear failures of unintentional composite action when the
bridge was loaded by heavy trucks on winter mornings. The
unintentional composite action was probably caused by an ice layer
at the interference surface between the steel and the concrete,
which developed during the cold winter nights when the traffic was 
low. To solve this problem, 1,200 coiled spring connectors were
installed in 2006. Fig. 4 shows the bridge 10 years after the
strengthening. Prior to the installation, other types of shear
connectors were evaluated. Coiled spring pins were chosen
because they could be installed from below, without affecting the
waterproofing or riding surface. Since the installation of the pins,
the bridge has been quiet (Olsson 2017).

The installation procedure for CSPs, illustrated in Fig. 5, generally 
includes the following steps: precision drilling, jacking, and corro-
sion protection. There is some preliminary investigation work
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required to identify the location of the transverse reinforcing bars in
the bottom layer of the concrete slab to avoid drilling through them.

The holes must be drilled up vertically through the steel topflange
and into the concrete deck. This can be done by using different 
drill bits for the steel and concrete or by using one diamond drill
bit for the whole drilling operation. The wearing down of the bits
can be a significant cost factor because the required tolerances are
very tight. Fig. 5(c) presents the pin tolerances, prior to the
installation, from the product data sheet provided by the
manufacturer of the CSPs, 20 mm (0.787 in.) in diameter, that
have been used in the laboratory tests and the projects. Previous
research highlights that the tolerances of the holes must be tight to 
ensure proper field performance of the CSPs (Buckby et al. 1997).
This can be challenging for the drill operators, but the required 
tolerances are achievable. For the DLR and the Canadian bridge 
presented previously, the hole diameters were allowed to vary
between 19.85 and 20.25 mm (0.781–0.797 in.), which also was 
reported as the manufacturer’s tolerances in these cases
(Pritchard 1992; Buckby et al. 1997). For the Canadian bridge, this 
was achieved without exceeding the additional requirement of
relative differences of 0.1 mm (0.004 in.) in diameter between the 
hole in the steel and the concrete. During the installation of
approximately 2,500 pins, only 14 holes failed to meet these
criteria. Holes that did not meet the tolerance requirements were 
abandoned, and new holes were drilled nearby (Buckby et al. 1997).
Two of the authors of this paper, Hällmark and Collin, have used
the same tolerances when fabricating push-out specimens with

Fig. 4. Pitsund Bridge after postinstallation of CSPs. 
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CSPs. The drilling was performed by an external drilling 
contractor, following the given specification of tolerances. After the 
drilling, all holes were measured. The results showed that the 
tolerances were met when drill bits with an outer diameter of 19.90 
mm (0.783 in.) were used, whereas a few holes failed to fulfill the 
upper tolerance when 20.00-mm (0.787-in.) drill bits were used 
instead. The largest hole diameter measured was 20.31 mm (0.800 
in.), and the test results showed no clear signs that this would have 
affected the ultimateload capacity.

The pins are chamfered over a length of 4.5 mm (0.177 in.) on both 
ends to an end diameter less than 19.6 mm (0.772 in.), which is 
smaller than the recommended minimum hole size. This makes it 
possible to push the CSPs into the holes using a hydraulic jack to 
create an interference fit.

Lubricants have been used to lower the jacking force required 
for the installation of some of the pins (Pritchard 1992; Buckby
et al. 1997). Laboratory tests indicate that the use of lubricants has a 
negligible effect on the ultimate load capacity, although the meas- 
ured slip increases slightly (Buckby et al. 1997). These conclusions 
are supported by additional push-out tests with and without lubrica- 
tion (Hällmark et al. 2017a).

The jacking force required to insert the CSPs in the drilled holes 
varied from 62 to 205 kN (14.0–46.1 kip) during the installation of 
the 2,500 CSPs in the Canadian bridge (Buckby et al. 1997). The 
authors of this article measured forces between 50 and 130 kN 
(11.3–29.25 kip) when jacking lubricated pins into push-out test 
specimens with varying hole diameters from 19.95 to 20.31 mm 
(0.785–0.800 in.). 

Once the installation is complete, it is important to seal the holes to 
prevent moisture from entering and corroding the CSPs. In the case 
of the Pitsund Bridge, penetrating corrosion protection was applied 
on the new steel surfaces after drilling. The coating system had a 
drying time of 24 h, which implies that it also had a lubricating 
effect because the installation of the pins was done directly after the 
drilling (Olsson 2017).

In one case, the coiled spring pins were recessed 2 mm (0.079 
in.) into the steel flanges, and those recesses were filled by sealant 
before local repainting (Pritchard 1992). It should be noted that any 
reduction in the contact area between the steel flange and the coiled 
spring pin due to the pin chamfer or any recess must be considered
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5 : 1 Fig. 5. Installationprocedure.



4/Color Figure(s) ARTTYPE="AnniversaryPaper"

khana 

c

F6 : 1 Fig. 6. Push-out test specimen (dimensions are in mm).
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303 in the design. This effect can be significant for thinner steel flanges Fig. 7 summarizes the static push-out test results 346
304 where the chamfer and recess may make up a larger percentage of on CSPs published so far. The failure load per pin (PU) is plotted 347
305 the available contact area. Similarly, the effect may be negligible over the mean value of the associate compressive cylinder strength 348
306 for thicker plates. (fcm,cube) of the concrete. The tested steel plate thickness is also pre- 349
307  To gather information about the expenditure of sented in the label of each test series. 350
308 time for the installation and the related costs, a case study of the Pritchard (1992) reported that the theoretical static strength (sin- 351
309 Pitsund Bridge was done (Olsson 2017). This study was based on gle shear) for CSPs was 170 kN (38.2 kip), which was higher than 352
310 interviews with the bridge owner, the drilling contractor, and the the 139 kN (31.2 kip) achieved by the welded studs of 19-mm 353
311 engineer who designed the strengthening. The presented costs were (0.75-in.) diameter, although no detailed information on the test 354
312 gathered from invoices and exchange rates dated in 2006. results was given. The tests were performed on pins connecting two 355
313 The moveable working platform, used by the drilling and jack- steel plates of 35-mm (1.38-in.) thickness and a concrete block with 356
314 ing contractor, was long enough to permit the installation of approx- a specified strength of 40 MPa (5.80 ksi). Buckby performed three 357
315 imately 30 CSPs before it needed to be moved. This was also the similar tests but with varying steel plate thicknesses (Buckby et al. 358
316 maximum number of holes drilled and pins able to be installed dur- 359
317 

1997). Based on these test results, Buckby recommends that a nomi-
nal static strength of 130 kN (29.2 kip) is used for pins installed in 360

318 
ing a working day. At the beginning of the project, the average
installation cost was approximately USD130 per pin, whereas it C30/37 concrete (f approximately 4 ksi) and for steel flange thick- 361

319 dropped to approximately USD 80 per pin at the end of the project. nesses in the range of 25–35 mm (1.0–1.38 in.). This recommenda- 362
320 It should be noted that this was the first time the contractor worked tion is illustrated as a dashed line in Fig. 7, and the test series that 363
321 with this type of strengthening and that there was a need to fabricate meets the associated criterion of the steel plate thickness is given 364
322 some support structures for the installation. The reduction in cost with gray markers. Fahleson (2005) reports an ultimate load of 365
323 per pin during the project suggests that costs would be less from a 366
324 367
325

contractor with experience performing this type of work
(Olsson 2017).

198 kN (44.5 kip) per pin. This value is based on a single test with 
a steel flange thickness of 30 mm (1.18 in.) and a concrete cube
strength of 56 MPa (8.12 ksi). Tests performed for the Tinsley 368

326  This section focuses on the load capacity of the Viaduct project and the Chelsea River Bridge project, both in the 369
327 CSP shear connector. However, the capacity of the reinforced con- United Kingdom, have also been studied and evaluated by one of 370
328 crete deck must also be checked according to applicable design the authors in 2007 and 2011, respectively. For the Tinsley Viaduct, 371
329 codes. As presented earlier, some tests have been performed for six tests were performed with coiled spring pins through steel plates 372
330 373
331 374
332

projects where CSPs were used. All tests have been done with
coiled spring pins with a 20-mm (0.787-in.) diameter and of the
heavy-duty type.

of 17.5-mm (0.69-in.) and 9.5-mm (0.37-in.) thicknesses. The three
tests with the 17.5-mm (0.69-in.) steel plates gave a mean load
capacity of 248 kN (55.8 kip) per pin, whereas the three tests 375

333 It should be noted that the push-out tests reported on CSPs, so 376
334 

the 9.5-mm (0.37-in.) plates gave a mean load capacity of 140 kN
(31.5 kip) per pin. The mean concrete compressive cube strengths 377

335 
far, have all been done on nonconventional push-out test specimens
(Pritchard 1992; Buckby et al. 1997; Hällmark et al. 2017a; were 51 MPa (7.40 ksi) and 54 MPa (7.83 ksi), respectively. For the 378

336 Fahleson 2005). The authors of this article, and also Pritchard and Chelsea River Bridge project, two static load tests were performed 379
337 Buckby, did not use the conventional push-out test because the lim- with a steel plate thickness of 6 mm (0.24 in.), giving the load 380
338 ited space between the flanges in the standard test setup makes it capacity of 84 kN (18.9 kip) and 89 kN (20.0 kip) per pin. The corre- 381
339 hard to drill and drive the CSPs into the holes. Fig. 6 illustrates sponding concrete cube strengths were 37.8 MPa (5.48 ksi) and 382
340 the specimens used by Hällmark in 10 static push-out tests. Similar 40.1 MPa (5.82 ksi), respectively. Recently, Hällmark et al. (2017a) 383
341 specimens have been used by Buckby and Fahleson. In this type of performed five additional push-out tests on CSPs. The dimensions 384
342 specimen, the force is applied on a central concrete block attached 385
343 to two steel plates by shear connectors. This design enables an eas- 386

ier installation of the postinstalled shear connectors because there
are no obstacles for the drilling and jacking equipment.

of the specimens are illustrated in Fig. 6. The concrete cube strength
was 46 MPa (6.67 ksi), and the characteristic value of the ultimate
capacity was established as 132 kN (29.7 kip), in line with 
the method described in Annex B of Eurocode 4 (CEN 2004). These

387 
388 



4/Color Figure(s) ARTTYPE="AnniversaryPaper"

khana 

F7 : 1 Fig. 7. Static test results.

F8 : 1 Fig. 8. Load–slip curves for push-out tests on specimens with CSPs and WHSs, respectively (diameter in mm).

389 tests were complemented by five tests on specimens with WHSs to 402
390 evaluate the potential impact of the nonstandard test setup.

Fahleson (2005) and from additional tests evaluated by the authors.
To highlight the differences compared with the headed shear studs, 403

391 For the majority of the tests presented previously, the main fail- typical load–slip curves for different stud dimensions are included 404
392 ure mechanisms were failure of the concrete surrounding the pins in the diagram. 405
393 and extensive yielding of the CSPs. In some cases, the pins failed at From Fig. 8, it can be noted that there was a significant differ- 406
394 plastic slip levels that by far exceed the requirements of ductility ence in the initial stiffness of the CSPs compared with the WHSs. 407
395 given in Eurocode 4 (CEN 2005). The specimens with steel plate For the specimens tested with the nonconventional push-out test, it 408
396 thicknesses of 6 and 9.5 mm showed a slightly different failure can also be noted that the force continued to increase at high levels 409
397 410
398

mode, with extensive yielding at the contact surface between the
pins and the steel plates before the final failure of the specimens.

of plastic slip, which was not the case for the specimens with WHSs 
tested with the standard push-out test (CEN 2004). This behavior 411

399 Typical load–slip curves for the push-out tests with CSP are can probably be explained by the existence of clamping forces, pro- 412
400 413
401 

illustrated in Fig. 8. The curves are re-created from the data pre- 
sented by Buckby et al. (1997), Hällmark et al. (2017a), and

vided by the tension rods shown in Fig. 6, and the corresponding
steel strips that were used in the tested specimens (Buckby et al. 414
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415 1997; Fahleson 2005). All tests on CSPs that have been found in the
416 literature, including those known by the authors but not yet pub-
417 lished, have been done with some type of clamping.

418
419 Fatigue tests have been performed on CSPs (Pritchard 1992;
420 Buckby et al. 1997; Fahleson 2005). Additional fatigue tests are
421 known by the authors, but these results have not been published in
422 public reports. A compilation of the fatigue tests known so far is
423 given in Fig. 9, which contains fatigue test data from four different
424 projects, with different views of when the fatigue failure occurred.
425 In the case of the first strengthening of the DLR and also the Pitsund

Bridge, failure was defined as the physical fracture of a CSP. For 
the Tinsley Viaduct, it was decided to interpret a slip of 5mm as 
a fatigue failure. Buckby et al. (1997) had a similar approach but 
used a slip of 2 mm (0.078 in.) as the fatigue criterion.

Normally, the fatigue resistance of shear elements is given in 
terms of the stress range. This is done because most shear studs are 
circular in cross section, and the calculation of their shear area is 
straightforward. In contrast, the manufacturers of CSPs generally 
list only the outside diameter in their literature, and the thickness 
can only be found in the product standard. The determination of the 
CSP area, given the rather complex clothoid spiral cross-sectional 
geometry, is complex and makes transforming the shear forces into

426
427
428
429
430
431
432
433
434
435
436
437

F9 : 1 Fig. 9. Compilation of fatigue test results.

F10 : 1 Fig. 10. Monitored span in the Pitsund Bridge.
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c

F11 : 1 Fig. 11. Measured steel stresses versus theoretical stresses for composite and noncomposite cross sections.

441 
442 
443 
444 

Log10N 14 767-6 1 Log10 P (1)

445 

girders, as shown in Fig. 11, indicate a neutral axis that corresponds 
well to a theoretical composite section (CEN 2005) for a monitored 
midspan beam section with the vehicle positioned at midspan for 
Load Cases 1 and 4, as shown in Fig. 10. The steel strains have 
been transformed to stresses by Hooke’s law, assuming an elastic 
modulus of 210 GPa (30,458 ksi). The measured slip under the 
traffic load was less than 0.04 mm (0.0016 in.), and the vertical 
separation was less than 0.03 mm (0.0011 in.). There were no signs 
of rapid increases in slip when the test vehicle crossed the bridge. A 
rapid increase could have been an indication that the friction capacity 
was

475 
476 
477 
478 
479 
480 
481 
482 
483 
484 

446 485
447 486
448
449 487
450 488
451 489
452 490
453 491
454 492
455 493
456

Coiled spring pins can be used to either create or strengthen the
shear connection between steel girders and a concrete deck. When a
shear connection is being created, there will be only one type of
shear connector at the shear interface, which makes the 
establishment of design assumptions a rather straightforward 
process. However, because there are no heads on the coiled spring 
connectors, uplift forces could be an issue. 494

457 495
458 496
459 497
460 498
461

where P = load range (kN) on one CSP; and N = number of cycles
until failure.

Static and fatigue tests have been performed by different research-
ers, but no other type of long-term tests have been conducted in lab-
oratory so far. The strengthened bridges, however, offer a possibil-
ity to study the long-term behavior of this type of shear connection.
One possible long-term effect, not covered by the fatigue tests,
might be loss of the clamping force between the concrete and the
steel due to creep in the concrete.

To study the behavior of this type of shear connection in a real
structure, the Pitsund Bridge was monitored by the authors in 2016
(Hällmark et al. 2017b). Because the monitoring was done 10 years
after the installation of the shear connectors, it offered the possibil-
ity to see if there were any indications of different behavior com-
pared with the laboratory tests. The bridge was monitored regarding
the longitudinal strains in the steel girders at different vertical and
longitudinal positions. The slip at the steel–concrete interface was

When a structure is being strengthened for insufficient fatigue
capacity in an existing shear connection, there will be at least two
different kinds of shear connectors at the shear interface. This
requires that the actual distribution of shear forces between the dif-
ferent shear connectors be established because the fatigue life will 499

462 also measured, together with the midspan deflection. The instru- be highly dependent on the relative stiffness of the different connec- 500
463 tors. Therefore, it is crucial to establish design criteria that cover the 501
464

mentation of the midspan bridge section is shown in Fig. 10(a). The
only vehicle allowed to be on the bridge during the monitoring was worst-case scenario for both the existing shear studs and the subse- 502

465 the test vehicle, which was a four-axle truck with a total weight of quently installed coiled spring pins. For the second strengthening of 503
466 the DLR bridges, because of the wide range of stiffness observed in 504
467 505
468

31.4 tonnes (34.6 t). The truck was positioned in several predeter-
mined locations on the bridge deck while the measurements were 
taken [Fig.10(b)]. 506

469 The results from the measurements indicated no signs of weaker 507
470 long-term behavior of the shear connection. It should be noted that 508
471 for many sections and load positions, this type of loading introduces

tests on the pins, a range of relative stiffness for the pins and studs
was considered to cover the worst case for both the new pins and
the existing welded studs. In this case, the design was always 
governed by the fatigue life of the original studs so that minimum
pin stiffness governed the design. 509

© ASCE 031nnnnn-8 Pract. Period. Struct. Des. Constr.

438 shear stresses difficult. Therefore, in this article, the fatigue capacity a significant normal force acting on the steel–concrete interface. 472
439 for CSPs is considered in terms of the load range ( P) on a P-N This results in a positive frictional force, which does not exist in the 473
440 curve instead of the stress r ange ( ) on an S-N curve.

Buckby presents a formula [Eq. (1)] to estimate the fatigue life
of the connectors, assuming a steel plate thickness between 25 and
35 mm (1.0–1.38 in.) and a concrete strength class corresponding to
C30/37 (f approximately 4 ksi) (Buckby et al. 1997).

push-out tests. The measured vertical strain distributions in the steel 474
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F12 : 1 Fig. 12. Overview of the ongoing research on CSPs used as postinstalled shear connectors.
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This article presents several types of shear connectors suitable for
postinstallation to strengthen existing steel–concrete structures with
no, or insufficient, shear connection. If the steel is weldable, and it is
possible to partially or completely close the bridge without a signifi-
cant impact on the traffic, welded shear studs might be a good choice.
This is especially true if the waterproofing layer is going to be replaced
anyway. If the steel is not weldable, or if fatigue is crucial in the shear 
connectors or in the upper flange, bolted shear connectors may be a
better choice. To reduce the impact on traffic, shear connectors that are 
installed from below can be used, such as adhesive anchors or
interference-fit connectors. These types of postinstalled shear
connectors may not be the mainstream solution but are a good option in
situations when reduced traffic impact is a high priority. The
strengthening works done at the DLR, the Canadian bridge, and the
Pitsund Bridge show that it is possible to perform the installation of
CSPs while eliminating most, if not all, impacts on traffic.

The installation procedure for CSPs involves tight hole toleran-
ces to ensure the interference fit. Nevertheless, experiences from
real bridges and from the manufacturing of test specimens show that
the required tolerances can be achieved during field operations.

The static load capacity of the CSPs is dependent on several pa-
rameters. To develop general guidelines for the design of this type
of shear connector, more information needs to be gathered. If the
type of the CSP is kept constant [20-mm (0.787-in.) diameter,
heavy-duty type], the most important parameters are the thickness
of the top flange steel plate, concrete strength, and hole tolerances.

A formula to estimate the fatigue life of CSPs has been pre-
sented. This formula is based on the test results from 12 fatigue
push-out tests and applies to the studied type of CSP and a limited
span of steel plate thicknesses and concrete strength.

This article is a part of the outcome of the state-of-the-art review of
CSPs used as shear connectors in steel–concrete bridges. Future
research will be performed, with the aim of developing design 
guide- lines and recommendations for bridge retrofitting by the use 
of

Buckby, R., M. Ogle, R. P. Johnson, and D. Harvey. 1997. “The performance
of coiled spring pin connectors under static and fatigue loading.” In. IABSE

546

547
548
549
550
551

552

CSPs. Fig. 12 gives a schematic overview of the upcoming 
research, which includes additional static and fatigue push-out 
tests, field monitoring of a strengthened bridge, and large-scale 
beam tests. All tests will be supplemented by finite-element
analysis, which will be calibrated to the test results and used for 
parametric studies.

To get more test data on CSPs, 20 static push-out tests and 12 
fatigue tests will be performed. The tests will be done with 
varying parameters, such as steel flange thickness, concrete 
strength, and hole tolerances. The influence of the possible 
clamping effect, in the non- conventional push-out tests, will be 
studied in future research. The push-out tests will be 
complemented by numerical modeling and three large-scale beam 
tests. The question of potential uplift, because the pins have no 
heads, will be investigated in the beam tests.

The criteria of what constitutes fatigue failure for a CSP must 
be established. Some researchers who have studied the 
strengthening of existing shear connections with insufficient
fatigue capacity have set limits on the allowable amount of slip as 
the design criteria based on the reasoning that CSPs and welded 
headed shear studs have a similar stiffness at small slips. New 
tests performed by the authors of this article indicate that CSPs 
need an initial slip to compress the pin and activate the stiffening 
behavior. To find out to what extent it is reasonable to assume that 
the CSPs will contribute to the shear transfer under fatigue 
loading, further testing and finite-element modeling will be 
performed.
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European Union’s Research Fund for Coal & Steel (RFCS) 
research program under Grant Agreement RFSR-CT-2015-00025. 
Financial support was also provided by the Swedish, Finnish, and 
Norwegian transport administrations; SBUF; the Nordic Road 
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Abstract

Traffic density and vehicle weight have been increasing over time, which implies
that many existing road bridges were not designed for the high service loads and
increased number of load cycles that they are subjected to today. One way to
increase the traffic load capacity of non-composite steel–concrete bridges is to
post-install shear connectors. This paper presents a study of a steel–concrete
bridge that has been strengthened with post-installed coiled spring pins, a type
of connector which can be installed from below while the bridge is still in
service. The strengthening method and design procedure are presented, along
with the results from field monitoring performed to evaluate the behaviour of
the strengthened structure. The results from the strengthened and non-
strengthened sections show that the coiled spring pins counteract the slip and
increases the degree of composite action. Finite-element models of the field tests
were created in order to compare the results using different design assumptions
and establish a suitable level of detail for modelling the shear connectors.

Keywords: shear connector; composite action; monitoring; strengthening; coiled
spring pin.

Introduction

There are many existing steel–concrete
non-composite bridges which were
designed in the era before composite
bridges and are still in service today.
Since traffic loads and the number of
load cycles tend to increase over time,
some of these bridges will need to be
strengthened or replaced in the near
future. If the main reason for strength-
ening is due to the main steel girders
having insufficient load capacity, the
introduction of composite action could
be considered as an appropriate
strengthening method. Different types
of shear connectors can be used for
post-installation and the most suitable
choice for a specific bridge is dependent
upon several factors. If there is a need
for a major rehabilitation of the con-
crete deck, there will be traffic disturb-
ances regardless of which type of
shear connector is installed. In such
cases, welded studs might be the first
alternative to use if the steel is weldable.
When the bridge deck slab is in good
condition however and the only reason
for strengthening is insufficient global
moment capacity, it is beneficial to be
able to install the shear connectors

with no or only minor traffic disturb-
ances. Examples of shear connectors
suitable for post-installation are pre-
sented in Ref. [1]. Expansion bolts and
adhesive anchors are two examples of
shear connectors that can be installed
from beneath the concrete deck.2–6

Another interesting type of shear con-
nector that can be installed from
below the bridge deck, while the
bridge still is in service, is the coiled
spring pin (CSP). Such an installation
is possible since the CSP is connected
to the steel and the concrete only by
means of the radial force created by
the compressed pin itself. CSPs are
made from steel plates that are spirally
wound 2.25 times around the central
axis of the pins (Fig. 1a). Before instal-
lation, the CSP has a diameter that is
larger than the hole into which it will
be installed. At installation, the CSP is
compressed when it is jacked into the
smaller hole to achieve an interference
fit, a procedure that is described in
more detail in Ref. [1]. CSPs are avail-
able on the market and have been
used as fasteners in different industries
for several decades—but they are not
commonly used as shear connectors in
steel–concrete composite structures.7,8

The research preformed on CSPs for
civil-engineering applications is sum-
marised in Ref. [1].

The static capacity and fatigue capacity
of CSPs that are used as shear connec-
tors between steel and concrete are
studied in Refs. [7–10]. The CSPs show
very ductile behaviour under static
loading as well as a longer fatigue life-
time when compared to welded headed
shear studswith the samecross-sectional
area, mainly due to the absence of welds
in the shear connection. TheCSPs trans-
fer shear forces from the steel to the con-
crete, in which inclined compression
struts are developed around the lower
part of the CSPs where the concrete is
crushed. As the loads increase, the
local concrete crushing will result in
additional bending in the CSPs. The
transfer mechanisms are expected to be
similar to the ones described in Ref.
[11] for welded headed shear studs,
with the difference that the absence of
heads implies that only frictional forces
acting on the perimeter of the CSPs
will counteract vertical movements of
the upper end of the pin. This com-
ponent is negligible in comparison to
the tensional force developed in a
loaded headed stud, implying that the
favourable frictional contribution at the
steel–concrete interface will also be
negligible.

All tests reported so far are push-out
tests used to establish the load-slip be-
haviour of the connection; however,
push-out tests might be too conserva-
tive in comparison to beam tests.12

Ref. [13] presents some examples of
modified push-out tests, carried out in
order to obtain better agreement with
beam tests. Some of thesemodifications
are taken into consideration in the new
push-out tests performed on CSPs in
Ref. [10]; there is however still uncer-
tainty about how the CSPs behave on
a structural scale. One significant differ-
ence between CSPs and headed shear
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studs is the initial stiffness of the con-
nectors; comparisons of the push-out
tests performed in Ref. [10] indicate
that the initial stiffness of headed
shear studs with a diameter of 22 mm
is about four times that of the studied
CSPs with a nominal diameter of
20 mm (Fig. 1b). For the CSPs there is
also a tendency for an S-shape to
occur at the beginning of the load-slip
curve obtained from the push-out
tests. This implies that it is not obvious
that CSPs can fulfil the requirements
given in Ref. [14] to provide the
amount of stiffness sufficient to enable
the steel and concrete parts to be
treated as a single structural member.
In order to investigate this, the Pitsund
Bridge in Sweden has been monitored.
As far as the authors know, this bridge
is one of only a few bridges in the
world that has been strengthened with
CSPs; other such bridges that have
been identified are located in Canada
and the United Kingdom (UK).1

This paper describes the monitoring of
the Pitsund Bridge and the evaluation
of the test results, together with a com-
parison between different design
assumptions regarding the shear con-
nection. The results provide infor-
mation about the structural behaviour
in the serviceability limit state (SLS),
while future large-scale beam tests
are planned to investigate the behav-
iour in the ultimate limit state (ULS).

The Pitsund Bridge

The Pitsund Bridge is a seven-span
bridge with a total length of 399 m
and a free width of 9 m (Fig. 2). The
superstructure is divided into three
separate parts. The first four and last
two spans consist of continuous steel
girders with a concrete deck slab on
top, whereas the fifth span is movable,
designed as a bascule bridge with two
leaves. This is an independent structure
and outside the scope of this paper.

Background

As late as the 1980s, non-composite
slabs were the common way to con-
struct concrete decks on steel girder
bridges in Sweden. The Pitsund
Bridge was finished in 1984 and its
original design featured spans both
with and without composite action.
Figure 2 illustrates the different types
of shear connections along the bridge.
In the red part, there are no shear con-
nectors, except right above the sup-
ports where steel strips welded to the
steel upper flanges provide local con-
nections (Fig. 3). In the blue part, the
bridge was designed as a composite
structure with welded headed studs.
The black part was originally designed
with no composite action, but was
strengthened in 2006 by the post-instal-
lation of shear connectors.

Welded headed studs were the first
type of shear connector to be evalu-
ated in the strengthening project, but
since the bridge deck was in good con-
dition, focus was shifted towards
shear connectors that enabled an
installation procedure from below,
meaning that the pavement and
waterproofing could be kept intact.
After evaluating several types of
shear connector, two types were
investigated in more detail: injection
bolts and CSPs. The injection bolts
are made of S355 steel with an outer
diameter of 36 mm and an inner diam-
eter of 16 mm. The studied CSPs are
made of steel grade AISI 6150 with
an outer diameter of 20 mm and a
steel plate thickness of 2.2 mm. This
type of CSP is labelled heavy duty
and the pin dimensions are governed
by an international standard.15 All
information presented in this paper
applies to this type of CSP and the
dimensions presented above.

Two static push-out tests were per-
formed in 2005 to evaluate the installa-
tion procedure and get an indication of
the load capacity of the two types of
shear connector. The layout of the
test specimens were the same as the
tests reported in Ref. [8], while the
details about the tests and the results
are presented in Ref. [9] and briefly
summarised below. The CSPs failed at
a load of 198 kN/pin after a slip of

Fig. 1: (a) Coiled spring pin; (b) load-slip diagrams for CSPs and headed studs

Fig. 2: Elevation drawing of the Pitsund Bridge illustrating the different types of shear connection
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12 mm, while the much stronger injec-
tion bolts were loaded up to 364 kN/
pin. In the latter case, the test was
aborted at a slip larger than 35 mm
due to limitations in the test set-up. In
both cases, the concrete cube strength
was within the interval of 56.1 to
56.8 MPa.

The information gained from manufac-
turing the test specimens indicated that
it would be easier to install the CSPs, as
this would avoid the need for different
steel parts and for grouting. These
experiences and the fact that the
CSPs show a sufficient load capacity,
even though significantly lower than
the injection bolt, resulted in the
choice of using CSPs to strengthen
the bridge.

The shear connection was designed to
withstand the shear forces caused by
traffic and temperature in the ULS.
Concrete shrinkage was neglected in
the design of the shear connection,
since the concrete was cast more than
20 years before the CSPs were
installed. The design values of the
traffic loads, in both ULS and fatigue
limit state (FLS), are in line with
the requirements for new bridges in
the prevailing Swedish bridge code.16

It should also be noted that the
bridge designer only used the elastic
capacity of the composite section in
the design of the strengthening process.

Since only a single push-out test was
performed within the frames of the
strengthening project, the design of
the CSPs was also checked against the
recommendations given in Ref. [8],
which specify a nominal static strength
of 130 kN for pins installed in C30/37
concrete and for steel flange thick-
nesses in the range of 25 to 35 mm.
Regarding the fatigue capacity, the rec-
ommendations in Ref. [8] were evalu-
ated together with an additional
fatigue test reported in Ref. [9]. The
design requirement was that the
bridge should resist 100 000 fatigue
load cycles, in line with the

requirements in Ref. [16] for road
bridges with moderate traffic volumes.
The fatigue design capacity (ΔFR) was
set to 50 kN/CSP for 100 000 cycles,
based on the test reported in Ref. [9]
that failed after 369 000 cycles at
50 kN/pin. A more conservative value
of 40 kN/pin for 100 000 cycles is pre-
sented in Ref. [8].

The longitudinal distances between the
shear connector rows were adapted to
the distance between the transversal
reinforcement in the bottom layer,
while the number of connectors in
each row was adapted to the design
shear forces. This resulted in a row dis-
tance of 300 mm and 1200 post-
installed CSPs, which equals a mean
of 5.8 CSPs/m in each girder.

Bridge Data

The cross-sectional geometry of the
monitored parts of the bridge and the
definition of the coordinates system
are illustrated in Fig. 3, in which
some cross-sectional parameters are
also presented. It should be noted
that the edge beams are included in
the concrete area Aconc and that the
given reinforcement ratio ρ is repre-
sentative of the support cross sections,
where it can be assumed that the con-
crete is cracked. In Table 1, steel
girder dimensions are presented for
the monitored sections in Spans 1 and
7. The origin of the coordinates
system used throughout this paper is

located in the centreline of the bridge
at Support 1, with increasing x-values
towards Support 4. The vertical z-axis
is positive upwards with its zero at the
interface between the steel and the
concrete. The two I-girders are
referred to as Girders A and B, in
line with the name convention pre-
sented in Fig. 3.

Monitoring

In 2016, the Pitsund Bridge was moni-
tored in order to study the structural
behaviour of a bridge strengthened
with CSPs and determine to what
extent composite action is achieved
under service loading. The monitoring
was focused on four topics: (a) the ver-
tical distribution of the longitudinal
strains in the steel main girders, (b)
the horizontal slip at the steel–concrete
interface, (c) the vertical separation
(uplift) at the steel–concrete interface,
and (d) the vertical displacement of
the main girders (deflection).

Two spans with different shear connec-
tions were monitored: Span 1 with
post-installed CSPs and Span 7
without shear connectors (Fig. 2).
These spans have similar dimensions
on the steel and concrete parts
(Fig. 3, Table 1), which offers the possi-
bility to compare the behaviour of a
non-strengthened section with a
strengthened section. The monitored
sections are defined in Table 2 and
illustrated as red lines in Fig. 2. The

Fig. 3: Typical cross section of the superstructure and illustration of the shear connections

Steel girder Span 1 Span 7

Mid-span Support 2 Mid-span Support 8

W/D* T W/D T W/D T W/D T

Top flange 550 30 650 35 580 40 550 40

Web 2300 13 2300 18 2500 14 2500 15

Bottom flange 550 30 650 35 580 40 550 40

*T = steel plate thickness; W/D = steel plate width/depth; all units in mm.

Table 1: Steel girder dimensions in the monitored sections
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typical instrumentation consisted of
three strain gauges, which measured
the longitudinal strains in the steel
web at different heights, and two
Linear Variable Differential Transfor-
mers (LVDTs), which measured the
relative vertical and horizontal displa-
cement (slip) at the steel–concrete
interface. The deflections were only
measured in Section 3. Figure 4 illus-
trates the instrumentation of the
girders and Table 2 summarises the
instrumentation used in each section.

During the monitoring, a test vehicle
was positioned in predetermined pos-
itions, during which time no other
vehicles were allowed on the bridge.
The four-axle test vehicle has a total
weight of 31.4 t; the vehicle dimensions
and axle loads are presented in
Fig. 5. The front axle and rear bogie
were weighted separately, but individ-
ual wheel loads could not be measured
in the truck weighing station. This
implies that the load distribution
between the axles within the bogie
and the distribution between the
wheel loads within an axle had to
be estimated. Different distributions

between the bogie-axles would have
had a negligible impact on the results,
since the measured spans are long in
comparison to the distance between
the axles. An uneven distribution of
the load in the transversal direction
could, however, have affected the
results significantly. To assure that this
was not the case, the test vehicle was
driven along the centreline of the
bridge in both directions during the
monitoring—see Load Cases (LCs) 1
and 2 in Fig. 5. This made it possible
to compare the deflections and strains
measured in the two girders and evalu-
ate if there were any indications of
systematic differences due to varying
wheel loads within an axle.

Finite-Element Modelling

The finite-element models presented in
this paper were all implemented with a
focus on the modelling of the shear
connection, in order to study the corre-
spondence between the design models
and the measured behaviour. The
material models are all linear-elastic,
since the studied load-levels generate

stresses far below the yielding point
of the steel and the concrete com-
pression strength. Regarding the con-
crete parts under tension, cracking is
expected over internal supports.
However, since this is an existing struc-
ture with an unknown load history,
there is no point in trying to capture
the cracking of the concrete related to
the test vehicle. Therefore, the models
are based on the simplified design
approach used in section 5.4.2.3 (3) of
Ref. [14], which is a likely design
model in a real-world situation. This
implies that the concrete slab was
treated as cracked at the internal sup-
ports over a distance that equals 15%
of the adjacent span lengths, and that
the cracked concrete was modelled
with flexural stiffness corresponding
to the contributions from the longitudi-
nal reinforcement only.

The material parameters in the finite-
element models are based on infor-
mation from the bridge drawings and
material standards, since no material
samples have been taken from the
bridge. The steel grade in the main
structure corresponds to S355 by
current standards and is modelled
with a modulus of elasticity of
210 GPa and a Poisson’s ratio of 0.3.
The non-cracked concrete parts are
modelled with a modulus of elasticity
of 32 GPa and a Poisson’s ratio of 0.2,
while the corresponding parameters
for the cracked parts are set to
1.57 GPa and 0.0. The former equals
the modulus of elasticity for the
reinforcement bars (210 GPa) multi-
plied by the reinforcement ratio
(0.746%), which is defined as the longi-
tudinal reinforcement area divided by
the area of the concrete cross section.

The commercial finite-element soft-
ware Autodesk Robot17 was used for
the 3D finite-element analysis. Only
the superstructure was modelled, with
nodal supports at the positions of the
bearings. All supports are defined as
being stiff in the vertical direction (z),
while the horizontal behaviour is
adapted to the different types of
bearing. Only Support 4 is fixed in the
longitudinal direction (x) for Girders
A and B, while the transversal direc-
tion is fixed for all supports along
Girder A and free for all supports
along Girder B. The primary super-
structure, the steel girders and the con-
crete deck are modelled with shell
elements while the crossbeams are
modelled with beam elements. The
elements were chosen from the

Measured sections x (m)
Monitored
girders

Steel
strain Slip

Vertical
separation Deflection

Section 1 End support 0.9 A – x x –

Section 2 Quarter point 9.9 A – x x –

Section 3 Mid-span 17.8 A + B x x x x

Section 4 Quarter point 27.7 A x x x –

Section 5 Internal support 33.5 A x x x –

Section 6 Mid-span 70.4* A +B x x x –

Section 7 Quarter point 78.4* B x x x –

Section 8 End support 89.5* B – x x –

*Defined in a local coordinate system for Spans 6 and 7, starting at Support 6 (x = 0).

Table 2: Monitored sections and instrumentation in each section

Fig. 4: Schematic illustration of the instrumentation
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perspective of a bridge designer, with
the intent that the design model
should be practical to use.

The connection between the steel and
the concrete is modelled by stiff con-
nection elements, located directly
above the steel web plate, and the
connections to the concrete shell
elements are modelled as being rigid.
The corresponding connections to
the steel upper flanges are modelled
as fixed for rotations and vertical
movements, meaning that uplift is
not simulated, while the horizontal
stiffnesses of the connection are mod-
elled with linear springs, which were
given three different stiffnesses (k) in
this study:

FEM 1: kx,y =∞ simulates a rigid shear
connection between the steel
and the concrete;

FEM 2: kx,y = 0 simulates a non-
composite cross section;

FEM 3: kx,y = 72.5 kN/mm/CSP is the
horizontal shear connector
stiffness based on push-out test
results.

Figure 6 shows a schematic illustration of
the modelling of the connection
elements. The longitudinal distance
between the connection elements corre-
sponds to the general distance between
the CSPs, which in this case is 300 mm.
The number of CSPs in each row

varies along the bridge, which implies
that the horizontal spring stiffness of
the connection elements varies as well.
The spring stiffness of a single CSP is
set to 72.5 kN/mm, based on the push-
out test results presented in Refs. [8,
10]. The load-deformation curve from
the push-out tests indicates a behaviour
which can be approximated as linear
up to a level of at least 60 kN/CSP
(Fig. 1b). During monitoring, the shear
force acting on a single CSP was far
below this limit, which implies that
there is no need to use non-linear
springs to simulate the shear connection.

Test Results and Analysis

In the following sections, the test
results are presented and compared
against the results generated by the
finite-element models. The measured
steel strains are transformed into stres-
ses by Hooke’s law, assuming a linear
elastic material. It can be noted that
the strain measurements were only
performed on one side of the web
plates, which implies that the contri-
butions from any out-of-plane
bending of the web plates cannot be
evaluated from these test results.

Steel Stresses

For the concentric load cases LC1 and
LC2, the magnitudes and vertical

distribution of the longitudinal stresses
are almost identical in Girders A and
B. This is illustrated for LC1 in Fig. 7a,
in which themeasured stresses are indi-
cated by points that are connected with
straight lines. These results show that
the vehicle was loaded symmetrically
and that the bridge behaved symmetri-
cally. The deflection measurements,
taken simultaneously on both girders,
confirm the symmetrical behaviour.

The interpolation between the two
upper strain gauges in Sections 3A
and 3B indicates that the neutral axes
are positioned between 130 and
220 mm below the steel–concrete inter-
face for LC1 and LC2. This can be
compared to the theoretical position
of the neutral axis in the composite
section, which is positioned 215 mm
below the steel–concrete interface.
Two possible explanations for the
difference are the concrete having a
higher elastic modulus or stiffness con-
tributions from non-structural details
such as the pavement and steel railings.
Since no concrete test samples have
been taken from the bridge, the
elastic modulus is an unknown par-
ameter that has been modelled with
the standard value for the relevant
strength class. However, since the
upper strain gauges were positioned
close to the neutral axes, small contri-
butions from different effects—or

Fig. 5: Test vehicle loads and load positions

Fig. 6: Schematic illustration of the connection elements and the finite-element cross section
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sources of errors—could give dispro-
portionate shifts of the neutral axis
when it is established by interpolation
between the two upper strain gauges.

The measured stresses in Sections 4A
and 5A, representing a quarter point
respectively an internal support (Fig.
2), are also plotted in Fig. 7a. It can
be observed that the neutral axes are
almost identical in the quarter point
(Section 4A) and the mid-span (Sec-
tions 3A and 3B). At the internal
support (Section 5A), the measured
position of the neutral axis is far
above the theoretical position of a
cracked section with stiffness contri-
bution from only the reinforcement
bars, in line with the design assump-
tions of Ref. [14]. The test results indi-
cate that the concrete deck slab itself
contributes significantly to the cross-
sectional stiffness. This could be
explained either by tension stiffening
between the cracks or the fact that the
concrete section might be non-
cracked. The impact of an increased
stiffness contribution from the concrete
under tension has been studied in a
modified finite-element model in
which the concrete elastic modulus
and the longitudinal distribution of
the cracked concrete at an internal
support varied. These modifications
are not related to the CSPs or the
post-installation but are derived from
the uncertainties of material par-
ameters and global behaviour, and are
therefore not within the scope of this
paper. However, the modified finite-
element model shows that it is possible
to get a good agreement between a
model and the test results in all sections.

Figure 7b shows the measured steel
stresses in the mid-span (Section 3)
for the eccentric load cases LC3 and

LC4. To highlight the differences
between Girders A and B with
respect to stress magnitudes and the
position of the neutral axes, the simul-
taneously measured stresses are
plotted in Fig. 7b and then enlarged
in Fig. 7c. It can be seen that
Girder B takes about 5 and 10% of
the test vehicle load in LC3 and LC4,
respectively, in terms of both deflec-
tions and stresses in the steel bottom
flanges. It can also be observed that
the measured neutral axis differs
between Girders A and B when the
bridge is loaded eccentrically. This
observation, which is also relevant for
Span 7 could be an indication that
the shear connection is dependent on
external vertical forces which create
higher frictional forces in the contact
surfaces between the steel and the con-
crete. For Span 1, this could also be an
indication that an initial slip is needed
before the CSPs start to transfer
shear forces. However, the majority
of this effect is not related to the
shear connection—it can instead be
explained by the structural behaviour
of the cross section under eccentric
loading. The eccentric loading of the
superstructure results in torsional
effects, including warping stresses in
the cross section. Since the normal
stresses related to the vertical
bending moment are small in the
girder furthest from the eccentric
load, the influence of the torsional
effects can be significant. These
effects are captured by the finite-
element models, which give vertical
strain distributions that are similar to
the measurements.

A comparison between the measured
steel stresses and the finite-element
stresses was carried out for Span
1. Figure 8 illustrates the compared

steel stresses in Sections 3 to 5 for
Girder A and LC1. It can be observed
that the finite-element model with a
rigid shear connection (FEM 1) gives
a good prediction of the steel stresses
in the areas where the concrete deck
slab is under compression, whereas all
models fail to predict the steel stresses
when the concrete is under tension near
an internal support (Section 5). This
result is expected since the measure-
ments show that the concrete under
tension contributes to the flexural stiff-
ness, whereas the initial finite-element
models only consider the contribution
of the reinforcement area.

For Span 7, it should be noted that the
most loaded girder was Girder B, while
it was Girder A in Span 1. Even though
there are no shear connectors in Span
7, the results of the strain monitoring
show that there is a high degree of com-
posite action (Fig. 9). The measured
positions of the neutral axis in Girder
B are about 460 to 520 mm below
the steel–concrete interface. The corre-
sponding theoretical positions of a
composite section and a non-composite
section are 320 mm and 1140 mm,
respectively. Similar observations are
recorded in Refs. [6, 18], wherein
strains were measured in non-compo-
site structures under service loads.
These observations can be explained
by the existence of frictional forces or
other interlocking phenomena at the
steel–concrete interface. The positive
effect however cannot be utilised by a
bridge designer, in line with Ref. [14],
since it is hard to estimate and could
result in a sudden failure. This implies
that there is a need to install shear
connectors to attain a reliable shear
connection, even if tests show that the
frictional forces might provide suffi-
cient capacity in the SLS.

Fig. 7: Measured steel stresses in Span 1
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The strain measurements for LC4 in
Span 7 give an indication that the
neutral axis drops as the load increases.
However, this effect is not observed for
LC3, which implies that no statement
can be made regarding this effect.
Nevertheless, it is reasonable to
assume that the neutral axis will shift
towards the theoretical position for a
non-composite section as the load
increases towards the ultimate capacity
of the cross section.

Deflection and Displacement

In Table 3, the deflection measured
in Section 3 is compared with the
deflection predicted by the three
finite-element models. Deflection
measurements of less than 1.00 mm
are excluded from the comparison,
since the precision of the deflection

measurements is estimated to be ±
0.05 mm, which would lead to large
percentage variations.

Based on the results presented in
Table 3, a rigid connection seems to
be the best estimate of the shear con-
nection at the tested load levels.
However, there are several unknown
parameters that are capable of shifting
the position of all the modelled deflec-
tion curves, which implies that no firm
conclusion can be drawn based only
on the measured deflection. Some of
these parameters include the elastic
modulus of the concrete, the stiffness
contribution from the concrete under
tension and the longitudinal distri-
bution of the cracked concrete deck
slab at the internal supports.
However, if the measured deflections
are considered together with the

strain then it can be concluded that
the rigid connection gives the best esti-
mate among the studied stiffnesses.

The measured slips in Span 1 are all
within an interval of ±0.00 to 0.04 mm
(Fig. 10), while slips of up to 0.26 mm
were registered in Span 7. This com-
parison indicates that the coiled
spring pins are reducing the slip signifi-
cantly. The slips according to FEM 3,
also plotted in Fig. 10 but with a differ-
ent scale on the vertical axis, show
similar shapes to the curves of the
measured slips, but with magnitudes
that are 5 to 10 times greater.

The results from FEM 3 show that the
stiffness of the shear connectors alone
cannot explain the measured stiffness
of the shear connection at the tested
load levels. The higher stiffness can
partly be explained by the contribution
from frictional forces, since composite
action is observed even in Span
7. Another aspect might be the fact
that the behaviour of shear connectors
in push-out tests is not directly compar-
able to the behaviour in a girder, even
though push-out tests are the common
method used to establish the load
capacity of connectors. The frictional
forces are not modelled, since the
evaluation presented in this paper
focuses on the CSPs and their impact
on the structural behaviour.

According to Ref. [14], all types of
shear connector must be able to
prevent the separation of the concrete
deck from the steel girders. However,
the uplift forces are generally not con-
sidered in the design of the shear con-
nection, since the welded headed
studs may be assumed to provide suffi-
cient resistance to uplift, in line withFig. 9: Measured steel stresses for Section 6 of Span 7

Fig. 8: Measured vs modelled steel stresses for LC1
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Ref. [14]. This is not the case for the
CSPs, where only frictional forces at
the pin surface can counteract the
uplift, together with the gravity forces
from dead weight and traffic. The
measurements show no clear indi-
cations of uplift of the concrete deck
in the parts with CSPs with registered
separations of less than 0.03 mm. This
result is to be expected, since the
forces acting on the shear connectors
are rather low—partly due to the fact
that for obvious reasons the tested
load levels are a lot smaller than the
ultimate load, and partly due to the
observation that frictional forces seem
to contribute significantly at the
tested load levels.

In Span 7, small vertical displacements
are registered in Sections 6 and 7,
while the registered displacements
in Section 8 are about ten times
greater than the comparable measure-
ments in Section 1. The uplift in
Section 8 was not expected, but might
be a consequence of the steel strips
acting as a local shear connection
between the steel and the concrete
right above the support (Fig. 3).
These strips were not designed for

composite action, but will certainly
experience high shear forces since
they will counteract the slip. The possi-
bility of severe concrete crushing
around these strips or fracturing of
the strips cannot be excluded, allowing
for both vertical and horizontal move-
ments. This effect is however some-
what out of scope of this study and is
not investigated further.

The results of the monitoring indicate
that the installation of CSPs does not
cause concrete uplift at the studied
load levels. However, the potential
problem with uplift is one of the
issues that needs to be investigated
further and that might affect the final
design of the shear connections.

Conclusions

The strengthening and monitoring of
the Pitsund Bridge shows that it is poss-
ible to create composite action by
installing CSPs on a non-composite
steel–concrete bridge. The measured
steel strains indicate that the strength-
ened superstructure behaves like a
composite bridge at the tested load

levels. The test results for both the
strengthened and non-strengthened
spans indicate that frictional forces or
other interlocking phenomena are sig-
nificantly contributing to the shear
transfer at the studied load levels.
Bridge designers cannot rely on the
frictional connection for the ULS
design, but the friction will probably
contribute by significantly reducing
the fatigue stresses in the shear
connectors, thus extending the fatigue
lifetime of the shear connections. The
comparison between the initial finite-
element models and the test results
shows that a rigid model of the shear
connection seems to be a good design
assumption at the tested load levels
(SLS).

The comparison of the slip measure-
ments in the strengthened and non-
strengthened spans confirms that the
CSPs counteract the slip by transfer-
ring shear forces to the concrete deck.
At the tested load levels, there are no
clear signs of uplift in the strengthened
span.

There are still some research questions
left to answer regarding the structural
behaviour of the shear connections
created by post-installed CSPs,
especially in the ULS. The potential
uplift problem is one issue that needs
to be investigated further via large-
scale composite beam tests. These
tests will also provide information
about the structural behaviour of the
connections in the ULS. Additional
static and fatigue push-out tests can
also be conducted in order to study
how different parameters can affect
the load capacity.
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Load case
Meas. − δmeas.

(mm)
FEM 1 − δFEM

(mm)
δFEM 1/
δmeas.

FEM 2 – δFEM
(mm)

δFEM 2/
δmeas.

FEM 3 – δFEM
(mm)

δFEM 3/
δmeas.

A* B A B A B A B A B A B A B

LC1 −3.30 −3.40 −3.70 −3.70 1.13 1.10 −7.20 −7.17 2.19 2.12 −4.10 −4.10 1.24 1.21

LC2 −3.30 −3.30 −3.70 −3.70 1.13 1.13 −7.20 −7.16 2.18 2.18 −4.10 −4.10 1.24 1.24

LC3 −6.00 −0.70 −6.60 −0.80 1.11 – −12.40 −1.99 2.08 – −7.30 −0.90 1.23 –

LC4 −6.50 −0.30 −7.20 −0.30 1.11 – −13.40 −1.05 2.07 – −7.90 −0.30 1.22 –

*A = Girder A; B = Girder B.

Table 3: Measured vs. modelled deflection

Fig. 10: Measured vs modelled slips for Span 1
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1. Introduction

Traffic density and vehicle weight have been increasing
over time and the tendency seems to continue (Lumsden
2004). Finland is an example of a country that in recent years 
has increased the maximum truck weight from 60 tonnes up 
to 76 tonnes (Blanquart et al. 2016); Sweden is planning for 
a similar change. An analysis, presented by the Swedish 
Transport Administration, indicates that the latter would 
suggest that approximately 1000 bridges need to be 
strengthened in Sweden. This implies that there will be a 
continuous demand for strengthening or replacement of 
existing bridges in both Nordic countries and worldwide.

Steel girder bridges with concrete decks are normally 
designed as composite structures, in order to utilize the 
advantages of the different materials. This has, however, not 
been the case for such a long time. As late as the 1980s, steel 
girder bridges in Sweden were often designed with a non-
composite concrete deck on top. According to the national 
bridge managing systems in Sweden, Finland and Norway, 
there are more than 2000 bridges of this type. One way of 
increasing the traffic load capacity or prolonging the fatigue 
life for existing bridges of this type is to create composite 
action by connecting the concrete slab to the steel girders by 
post-installed shear connectors. The composite steel-
concrete cross-section will carry traffic loads more 
efficiently than in the original non-composite condition. 
Since the permanent loads are already in place, the effect will 
only influence the live loads and any subsequent applied 
dead loads. It should be highlighted that there are many 
structural details that need to be checked when a bridge 
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structure is strengthened, to assure that the load capacity can 
be increased by installing shear connectors, for instance the 
transverse and the longitudinal reinforcement of the deck 
slab, as well as the shear capacity of the web plates. However, 
the present paper is confined to the capacity of the shear 
connection itself.

There are many different types of shear connectors that 
can be used for post-installation, with some more suitable 
than others. Welded headed shear studs are by far the most 
common type of shear connector in new structures. For 
existing structures, other types of connectors might be more 
interesting, especially connectors that can be installed from 
beneath the bridge without affecting the road surface. 
Research has been made on numerous types of shear 
connectors, with some examples of connectors suitable for 
post-installation presented by Hällmark et al. (2016), the 
present authors. Internationally, probably the most 
comprehensive studies on post-installed shear connectors 
have been performed at the University of Texas at Austin by 
Hungerford (2004), Schaap (2004), Kayir (2006) and Kwon 
et al. (2009, 2010a, 2010b, 2011). More recent studies have 
been performed by Pathriana et al. (2015, 2016a, 2016b) and 
Henderson et al. (2017).

One type of type of connector suitable for post-
installation is the Coiled Spring Pin (CSP) shown in Fig. 1a. 
The CSP is a type of interference fit connector, or tension pin, 
that is anchored to the connecting parts by the radial forces 
that are developed when the larger CSP is press fitted into the 
smaller hole. There is no need for welding, grouting, 
adhesives, etc. since the connectors rely on mechanical 
forces. This makes it possible to perform the installation in 
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existing bridge structures from below the bridge deck, as 
illustrated in Fig 1b, with little or no impact on the traffic 
running on the bridge (Pritchard 1992, Buckby et al. 1997). 
These advantages, combined with a lack of knowledge about 
the behaviour of CSPs in steel-concrete composite 
construction, resulted in the authors of this paper focussing 
on this type of shear connector.

The CSP is a standard component that is used as a fastener 
in different industries. The pins are manufactured from steel 
plates that are spirally wound 2.25 times around the central 
axis of the pin and available with outer diameters from less 
than 1 mm up to 20 mm. The dimensions are standardized 
according to international standards, of which ISO 8748 
(2007) is the most relevant for shear connectors in bridges, 
since it covers the “Heavy Duty” type with the largest shear 
capacities. For civil engineering applications only a few 
studies have been reported to date, Pritchard (1992), Buckby 
et al. (1997), Fahleson (2005), and to the authors knowledge 
there are only a few bridges from around the world that have 
been strengthened with CSPs (Hällmark et al. 2016). The 
reported studies have all been confined to the strongest 
standard CSP with an outer diameter of 20 mm and a steel 
plate thickness of 2.2 mm. The static and fatigue capacity of 
the connectors are well known when they are used as shear 
connectors between two steel parts, but there are only a 
limited number of tests published for steel-concrete 
connections. The tests reported to date have all been project 
specific tests on non-standard specimens, performed in order 
to verify the use of CSPs in a specific structure. No validation 
tests on connectors with known shear capacity have been 
reported for the alternative test set-ups and the only design 
recommendations that have been published are those 
provided by Buckby et al. (1997). These recommendations 
are limited in respect to both concrete strength (equivalent to 
C30/37) and thickness of the upper steel flange (25-35 mm). 

There is an information and knowledge gap on the 
structural behaviour and the load capacity for CSPs, used as 
shear-connectors in steel-concrete interfaces, and there is a 
need for additional testing and knowledge sharing. If it would 
be possible to develop more general design guidelines for the 
use of CSPs as shear connectors in steel-concrete interfaces, 
future project specific tests could be eliminated, thereby 
removing some of the barriers for this strengthening method. 
As a first step towards more general design guidelines, the 
authors of this paper have performed 28 additional static
tests, to bridge the gap in knowledge of different parameters 
that impact the behaviour of CSPs, as well as verify the 
previous tests that have been performed on non-standardized 

push-out specimens. This paper presents the experimental 
part of the research and will be complemented by a 
subsequent paper presenting the numerical analyses and the 
parametric studies that have been calibrated to the test 
results.

2. Push-out tests

The preferred method to establish the static capacity and 
the load-slip behaviour of a steel-concrete shear connection 
is push-out tests. It is also possible to perform composite 
beam tests. However, the latter is more expensive to perform 
in sufficient numbers and harder to evaluate, since the forces 
acting on the shear connectors must be calculated from the 
measured strain distribution, which results in a need for 
extensive measurements and a knowledge of the stress-strain 
behaviour of the materials used in the tests.

The European design rules for shear connections in steel-
concrete composite bridges are given by EC4-1-1 (2004) and 
EC4-2 (2005). These codes address the general requirements 
for shear connectors and present rules for the design of 
Welded Headed Studs (WHS). For other types of shear 
connectors, the static load capacity and ductility must be 
established from testing (this is the case for the CSPs, since 
only a few tests have been reported in the literature so far
(Pritchard 1992, Buckby et al. 1997, Fahleson 2005). A 
standard test method for push-out tests is presented in Annex 
B of EC4-1-1. Even though push-out tests are the common 
method to establish the static and fatigue capacity of shear 
connectors, the test method and the layout of the specimen 
have been discussed for several decades. Some examples of 
factors that have been investigated are the eccentricity 
between the load and the supports, the support conditions, the 
absence of compressive normal force at the steel-concrete 
interface corresponding to a real structure, the width and 
height of the slab and the number of shear connector rows
(Döinghaus 2002, Ernst 2010). 

The eccentricity might be the most discussed factor, since 
it is believed to have a negative impact through uplift and 
tension forces on the connectors, but also a positive 
contribution by an increased contact pressure in the top of 
steel-concrete interface. The impact of the eccentricity is also 
strongly dependent on the support conditions. If the supports 
are free to move in the normal direction to the face of the 
tests slabs (roller based), the shear connectors will 
experience tensile forces that are not comparable to the load 
situation in a beam. Tests reported by Hicks (2014) have 
shown that elimination of normal forces at the supports 

Fig. 1 (a) Coiled spring pin, (b) Installation procedure and final result
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reduce the measured shear resistance by approximately 30%. 
To avoid this reduction, Roik et al. (1989) recommended that 
the moment should be balanced through the provision of a 
tensile tie or rigid angle restraints at the base of the test slabs.
The impact of the degree of horizontal restraint has also been 
investigated, through numerical analysis, by Guezouli and 
Lachal (2012), who also have performed studies on the 
frictional contribution to the load transfer through the push-
out specimen (Guezouli et al. 2013).

2.1 Test methods

The standard push-out test specimen recommended by 
EC4-1-1 is not suitable for testing of post-installed shear 
connectors, see Fig. 2a. The layout of the standard specimen, 
with the limited space between the flanges in the steel 
section, makes it difficult to perform the drilling through the
steel flange and into the concrete. In order to create the space 
needed for the drilling- and jacking-equipment, the steel 
section would have to be enlarged to disproportionate 
dimensions, or cut into two separate parts prior to the 
installation of the shear connectors. After the installation, the 
two halves would then have to be joined together into one 
unit. To avoid this labour-intensive process, alternative push-
out tests specimens have been evaluated by the present 
authors for the testing of CSPs.

The focus of the design of an alternative test set-up and 
test specimen was to ensure that there was enough space to 
install the CSPs, without jeopardizing the validity of the test 
results. For CSP testing, different kinds of inverted push-out
tests have been used by Pritchard (1992), Buckby et al.
(1997) and Fahleson (2005). The test specimens are inverted
by changing the position of the steel and the concrete parts, 
which simplifies the post installation of the shear connectors. 
The test specimen used by Buckby et al. (1997) is illustrated 

in Fig. 2b. Later tests by Fahleson (2005) were performed on 
almost an identical test arrangement, while additional 
unpublished tests in UK follow the main principle of the 
inverted specimen. In the Tinsley Viaduct strengthening 
project (another unpublished test series from UK), the test 
specimens were designed more like the standard specimen, 
but manufactured in two halves that later were bolted and 
clamped together after the installation of the shear 
connectors, see Fig. 2c.

The horizontal test set-up for single shear connector 
testing shown in Fig. 2d, was developed at the University of 
Austin and used in a comprehensive study of different types 
of post-installed shear connectors (Schaap 2004, Hungerford 
2004, Kayir 2006, Kwon 2010a). The test set-up was 
influenced by the ideas presented by Gattesco and Giuriani
(1996) where one connector was tested at a time and to 
minimize the eccentricity between the applied load and the 
supports, together with avoiding rotations in the concrete 
block during the test. Other types of horizontal test set-ups 
have been used by different researchers, in particular Ernst
(2009) and Lam (2007). The impact of normal compression 
forces at the steel-concrete interface has been studied by 
Hicks and Smith (2014) for composite beams with profiled 
steel sheet decking. Test results from beam tests have been 
compared to push-out test results on specimens with and 
without normal forces, corresponding to between 0 to 16% 
of the vertical force applied to the steel-concrete interface. A 
recommendation for a new improved test set-up for 
specimens with steel sheet decking was subsequently 
presented, where horizontal normal forces are applied to the 
standard push-out test specimen. This recommendation is 
supported by additional studies by Easterling et al. (1993), 
Bradford et al. (2006) and Nellinger et al .(2017). The latter 
also presents a review of alternative push-out test set-ups. 
Other alternative push-out test specimens are presented by 

(a) Standard specimen from EC4-1-1 (b) Inverted specimen used by Buckby et al. (1997)

(c) Clamped specimen from the Tinsley project (d) Horizontal specimen used at University of Austin
Fig. 2 Push-out test specimens [mm]
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Döinghaus (2002), where the two most interesting specimens 
for the present authors are the single push-out test specimen 
(SPOT) and an inverted test specimen with two steel beams 
on the sides and a concrete block in the middle. Equivalent 
test results are reported from these two types of specimens.

The majority of the tests conducted on CSPs have so far 
been undertaken on the type of specimen illustrated in Fig. 
2b (for both static and fatigue loading). However, the test 
results have not been verified by similar tests on WHSs with 
known shear resistance and load-slip behaviour. In order to 
verify the previous tests and to ensure that the results can be 
compared with those obtained from the standard push-out
test, the tests presented in this paper have been performed 
with specimens that are almost identical to those used by 
Buckby et al. (1997) and Fahleson (2005), with some 
modification of the clamping. The alternative test methods 
presented in this section all involve some type of clamping, 
which is necessary to avoid too conservative results due to 
separation of the specimens during the tests. This separation 
is mainly driven by the geometry of the test set-up, and does 
not correspond to the behavior in a real structure with a 
continuous shear connection. Since the CSPs have no heads, 
the test results become even more sensitive to separation. The 
differences between the assumed behavior of CSPs and 
headed studs, in terms of force components, are 
schematically illustrated in Fig. 3.

Fig. 3 (a) Load transfer model for headed studs, (b) 
suggested load transfer model for CSPs

The force components involved in the shear behaviour of 
welded studs, embedded in solid concrete slabs, are often 
described by the illustration in Fig. 3a, originally presented 
by Lungershausen (1988). Initially, the external shear force, 
P, is predominantly acting on the lowest part of the shear 
connector by a compression strut, A, that is inclined at an 
angle .  When the load increases, concrete crushing will 
occur near the weld collar, which implies that the additional 
shear force, B, is shifted higher up in the stud shank. The shift 
of the force results in increased shear deformations and 
bending of the stud. Since the ends are restrained from 
vertical movements by the head and the weld collar, a tension 
force, C, will be developed in the stud shank. The tension 
force is balanced by a compression force in the concrete, 
which gives an additional contribution to the frictional 
capacity at the steel-concrete surface, through the force 

component D. The final failure is expected directly above the 
weld collar as a result of the combination of shear and tensile 
stresses (Roik et al. 1989, Nellinger et al. 2017).

If the failure of the CSPs is now considered, it seems 
reasonable to assume that the force components A and B will 
contribute in a similar way as for the shear studs. However, 
since the CSP has no head, there will be no restraint from 
vertical movement in the top of the connectors, except the 
assumed minor contribution from the vertical frictional 
forces acting on the pin. This should imply that the force 
components C and D only give negligible contributions to the 
total shear capacity of the shear connector. A schematic 
illustration of the suggested load-bearing behaviour is shown 
in Fig. 3b.

The design code EC4-2 (2005) for new composite 
bridges, requires that the shear connectors shall be capable of 
preventing separation of the concrete element from the steel 
element, if the separation is not prevented by other means. 
This requirement is considered to be met if the connector can 
resist a tensile force equivalent to 10% of the ultimate shear 
connector resistance. The existence of the head in the welded 
headed stud is the main reason why the tensional force 
component C is developed. Since the CSP has no head, the C 
component is expected to be far smaller than the EC4-2
requirement. On the other hand, without the head it is not 
obvious that the 10% criterion is of any relevance. From the 
authors’ perspective, a separating force with this magnitude 
will not occur in beams with solid slabs, and especially not 
in the serviceability limit state. This standpoint is supported 
by field monitoring performed on a bridge strengthened with 
CSPs by Hällmark et al. (2017). In the ultimate limit state, 
smaller separations just before failure should not be a 
problem as long as the CSPs continue to exhibit ductile 
behaviour with no loss in shear capacity. The issue regarding 
any potential separation needs to be investigated further, but 
cannot easily be simulated by push-out tests. Thus, the push-
out test specimens are designed to test the pure shear capacity 
of the connection, with clamping rods to avoid separation 
caused by the geometry of the specimen. However, two 
reference specimens are tested without clamping forces. The 
clamping forces are measured during the tests and are 
investigated further in this paper. The potential uplift will be 
investigated at a global structural level, by beam tests and 
FE-modelling, but this is outside the scope of the present 
paper.

2.2 Test specimen and test set-up

The specimen used in the tests is shown in Fig. 4. The 
geometry of the specimen is similar to those reported by 
Buckby et al. (1997) and Fahleson (2005), with exception of 
the welded steel clamping plates that have been replaced by 
clamping rods instead. The latter consists of threaded rods 
(M20) with tension load cells, measuring the clamping forces 
during the tests. Three different combinations of shear 
connectors have been tested: (a) four welded headed shear 
studs; (b) four coiled spring pins; and (c) two welded headed
shear studs in the upper positions combined with two coiled 
spring pins in the lower positions. The latter was tested in 
order to study the behaviour of an existing shear connection 
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strengthened with CSPs, which can be of interest if a 
bridge with existing welded shear studs is strengthened.

The steel parts of the test specimens were manufactured 
and assembled in a steel workshop, including the drawn arc 
stud welding for the specimens with WHSs. The steel parts 
were transported to a concrete workshop where the 
reinforcement cages were constructed before being cast in 
concrete. Prior to casting, form oil was applied to the steel 
plates to reduce the friction at the steel-concrete interface. 
Since the concrete block has two sides with shear connectors, 
there are no upper and lower side in comparison to a real 
concrete beam. This means that the specimen cannot be cast 
in a horizontal position, like in a real composite beam 
according to the EC4-1-1 recommendation. However, the 
intention of this recommendation is to reduce the risk that the 
concrete just below the connectors is poorly compacted, as 
presented by Maeda et al. (1983). This is not of importance 
when post-installed shear connectors are tested, since they 
are installed in holes drilled in the hardened concrete. The 
concrete blocks were therefore cast standing vertically. For 
each concrete batch (corresponding to 3-5 test specimens), 
eleven 150 × 150 × 150 mm cubes were cast and stored 
indoors together with the specimens. Test samples were also 
taken from the batch of reinforcement bars that was used for 
the specimens. At a concrete age of 7 days, holes were drilled 
for the installation of the CPSs. The general installation
procedure is schematically illustrated in Fig. 5. In order to 
get interference-fit, the holes were drilled with an undersized 
diameter compared to the diameter of the CSP. Although the 

manufacturer of the CPSs recommended a hole diameter of 
20.00-20.21 mm, the hole tolerance was set at 19.85-20.25 
mm in the tests, with an additional requirement of a relative 
difference between the steel and the concrete parts less than 
0.10 mm. 

The holes were made using a cutting drill through almost 
the entire thickness of the steel plate (Step 1). The remaining 
drilling was done with a diamond core drill (Step 2). After 
drilling, the diameter of the holes in the concrete and the steel 
parts were measured (Step 3). The installation of the CSPs 
was performed with a hydraulic jack (Step 4), registering the 
force needed to push the pin into the hole. The installation 
force varied between 30-100 kN, which can be compared 
with the installation forces of between 62-205 kN reported 
by Buckby et al. (1997). Whilst the pins were lubricated with 
grease in the majority of the test specimens, in a similar way 
as that reported by Buckby et al. (1997), no significant 
difference was observed between lubricated and non-
lubricated specimens. In a real structure, the jacking would 
have been followed by sealing of the hole and painting to 
restore the corrosion protection (Step 5).

2.3 Test procedure

The testing procedure was in line with the 
recommendations in EC4-1-1 Annex B, with one exception 
in that the recommended cycling between 5% and 40% of the 
expected failure load was changed to an interval between 10-
40% instead. This change was done, since the hydraulic 

Fig. 4 Test specimen dimensions 

Fig. 5 Installation procedure for CSPs 
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actuator was not suited for cycling at such low load levels. 
The general loading procedure, which is schematically 

illustrated in Fig.6a, started with a loading up to 240 kN, 
followed by 25 cycles between 80 kN and 240 kN. The 
specimen was then unloaded prior to being loaded to failure. 
The loading was displacement controlled and applied by a 
2.0 MN hydraulic actuator, through a spherical bearing and a 
load distribution plate on top of the concrete. In the first 
series of tests, the displacement rate was as low as 0.005 
mm/s. It was later increased up to 0.03 mm/s, which were 
used in the majority of the tests. This rate still ensured that 
failure did not occur in less than 15 minutes, in line with the 
procedure described in EC4-1-1. The influence of stress 
relaxation that might occur under permanent loading has not 
been taken into consideration in these test series, neither has 
any possible impact on the static capacity caused by previous 
fatigue loading been considered. The effect of the former 
should be negligible, since the connectors only contributes to 
the load cases applied after the installation.

Throughout the test procedure, the applied force and the 
stroke were recorded directly from the hydraulic actuator. In 
addition to this, 14 external sensors were used to monitor 
displacements and forces, as shown in Fig. 7. The vertical 
displacement (the slip) at the steel-concrete interface was 
monitored by four linear variable differential transformers 
(LVDT-V) placed on each vertical side of the test specimen, 
in a position between the shear connectors, while 
corresponding horizontal displacements were recorded by 
four additional sensors (LVDT-H). For the specimens with 
CSPs, additional LVDTs (LVDT-CSP) were installed to 
measure the relative horizontal movement of the end of the 
pin in relation to the steel plate. In order to be able to evaluate 
the contribution from the clamping rods, two tensions loads 
cells (TLC) were also used. Before the final failure test 

commenced, the nuts in the tension rods were tightened until 
the TLCs registered a clamping force of approximately 1 
kN/rod. However, no clamping force was applied during the 
initial cycling.

2.4 Test program

The static push-out test program contained six different 
test series with a total of 28 specimens. All the specimens had 
the same geometry, except for one test series (Type D) in 
which another steel plate thickness was tested.

The first two test series were reference tests performed in 
order to evaluate the test set-up and to obtain comparable 
results for headed shear studs (Type RW) and coiled spring 
pins (Type RC).  One specimen in each reference series was 
tested without the clamping rods; these specimens are 
denoted RWX and RCX, respectively. In the following four 
test series, three different parameters were varied: the 
concrete strength; steel plate thickness; and the shear 
connector configuration. Table 1 summarises the test 
program and the varied parameters.

Table 1 Summary of the test program
Type No. Shear Concrete Steel plates

connectors Str.class t [mm] Grade
RW 5 4 CSP C30/37 30 S355K2+N
RC 5 4 WHS C30/37 30 S355K2+N
A 5 4 CSP C20/25 30 S355K2+N
B 5 4 CSP C40/50 30 S355K2+N
D 5 4 CSP C30/37 45 S355ML
E 3 2 CSP/2 WHS C30/37 30 S355K2+N

2.5 Material parameters and tolerances

The steel parts of the test specimens were manufactured 
from plates in grade S355K2+N and S355ML (see Fig. 4), 
where the latter was used only for the 45 mm thick plates in 
the Type D specimens. Tensile tests performed by the steel 
manufacturer show a yield strength of 408 MPa and a tensile 
strength of 511 MPa for the S355K2+N, whilst 418 MPa and 
509 MPa was recorded for the S355ML. The headed studs 
were made in steel material quality S235J2+C470, type SD1 
according to ISO 13918 (2008), and welded according to ISO 
14555 (2014). The measured yield stress, tensile strength and 
maximum elongation was 470 MPa, 522 MPa and 25%, 
respectively. The exact dimensions of the studs were not 
measured prior to the testing, but the nominal diameter was 
22 mm and the length before welding was 125 mm. The 
elastic modulus has not been reported from the tensile tests 

Fig. 6 Load-history diagram and corresponding load-slip 
diagram for the push-out tests

Fig. 7 Instrumentation of the test specimen
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performed by the steel manufacturer, and no additional tests 
were performed.

The tested CSPs were of a standard type available on the 
market and manufactured according ISO 8748 (2007). The 
designation of tested pins is Coiled Spring Pin ISO 8748 –
20 x 160 – HWK. The letters indicate that the pin is of type 
Heavy Duty (H) and made out of AISI 6150 Alloy Steel (W) 
with no surface treatment (K), while the digits represent the 
nominal outer diameter of 20 mm and the length of 160 mm 
(see Fig. 8a). The thickness of the steel plates used to 
manufacture this type of pins are 2.2 mm. From test samples 
from the steel plate before they were formed into coiled 
springs and heat-treated, the manufacturer reported a yield 
stress 550 MPa and a tensile strength 690 MPa. In order to 
establish the material data for the final product, four test 
coupons were taken from the pins (see Fig. 8b), and tensile 
tests were undertaken according to EN ISO 6892-1 (2016). 
The mean value of the tested yield stress and the tensile 
strength were 1516 MPa and 1606 MPa, respectively. Failure 
occurred at an elongation of about 5%, and no test result 
deviated more than 3% from the mean value.

The reinforcement consisted of Ø10 mm standard 
deformed bars, K500C-T, in line with the reinforcement for 
the standard test specimen in EC4-1-1. The mean value of the 
tested yield stress and the tensile strength were 533 MPa and 
649 MPa, respectively.

The concrete properties were determined by compressive 
cube strength tests, performed on standard cubes with sides 
of 150 mm. The specimens in each test series were cast from 
the same concrete batch and cured in air indoors without 
cover. For each concrete batch, three cube were tested after 
28 days. Every push-out test was also followed by a cube 
compression test. The specimens within the same series, 
were generally tested at an age of 15 days or a few days more, 
which implies that the age effect between the specimen in the 
same series were not that big. The results from the concrete 
cube strength tests are summarized in Table 2, where fcm,cube
is the mean strength of the cube tests performed at the same 
dates as the push-out test and fcm28,cube is the mean strength of 
the tests performed after 28 days. The mean values of the 
secant modulus of elasticity have been calculated according 
to equation (1) from EC2-1-1 (2005), where fcm is the 
compressive cylinder strength given in MPa. The concrete 
cube strength has been transformed into the cylinder strength 
by multiplying with factor 0.8.

3. Test results

The test results from the push-out tests are summarized 
in the following sections. It can be noted that the presented 
displacements are all mean values of the LVDTs that 
measured the same type of displacement in different parts of 
the specimen.

3.1 Load-slip behaviour

The test results regarding the load-slip behavior are 
summarized in Table 2 together with the test results from the 
concrete testing. The presented parameters are the failure 
load (Pu), the characteristic resistance of the shear connectors 
(PRk), the slip at the maximum load ( Pu) and the slip capacity 
( u) measured at the characteristic load level. The secant 
stiffness is also presented at two load levels. The initial 
stiffness (k0.4Pu) is represented by the stiffness up to 240 kN, 
measured after the 25 shake down cycles between 80-240 
kN. The presented serviceability stiffness (k0.75PRk) equals the 
stiffness measured at a load level corresponding to 75% of 
the characteristic load capacity, established by the simplified 
EC4-method presented below. Both types of secant stiffness
are illustrated in Fig. 6b.

The characteristic resistances have been evaluated both 
according to the simplified method given in Annex B in EC4-
1-1 and according to the more general statistical method in 
line with Annex D in EC0 (2002). In the former method, 
provided that the individual test result from three nominally 
identical specimens deviate less than 10% from the mean 
value (Pu,m), the characteristic resistance is taken as the 
minimum failure load multiplied with 0.9, see equation (2). 
The EC4-1-1 simplified method is based on the EC0 ‘use of 
additional prior knowledge’, which assumes that the 
coefficient of variation Vr is known from a significant 
number of previous tests. It may be deduced that this code 
assumes Vr = 11% (Johnson 2011).

The second method is described by Equation (3), where 
kn is the characteristic fractile factor and VPu is the coefficient 
of variation of the failure load. The value of VPu is calculated 
according to equation (4), while the value of kn can be found 
in Table D1 in EC0. The latter is dependent on the number of 
tests (n) and if the coefficient of variation is known from 
previous tests. In this case, VPu are conservatively assumed 
to be unknown, which gives kn equal to 3.37, 2.63 and 2.33 
for number of tests n = 3, 4 and 5, respectively. 

It should be noted that, while the test results from the two 
reference tests performed without the clamping rods (RCX 

Fig. 8 Dimensions of the tested CSP and the test coupons

(3)

(4)

(1)

(2)
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and RWX) are presented in Table 2, they are excluded from 
the evaluation of the characteristic values. 

The load-slip diagrams for the test specimens are 
presented in Fig. 9. All specimens show a ductile behavior 
and exceed by far the ductility criterion of a characteristic 
slip ( uk) of at least 6 mm, in accordance with EC4-1-1. Some 
of the curves ends abruptly in a vertical line, this does not 
correspond to the real behavior but can be explained by the 
fact that the measuring LVDTs, with a maximum stroke of 25 
mm, run out of stroke at these levels. If the stroke registered 
on the hydraulic jack was plotted instead, this phenomenon 
would not be observed. It can also be noted that the 
specimens with CSPs have an S-shape in the beginning of the 
load-slip curves, while the specimens with WHSs have a 
more linear behavior in this part of the curve.

Different failure mechanisms were observed for the 
different types of specimens. The Type RW specimens, with 
only WHSs, failed by shear failure through the weld of the 
studs. The failure was preceded by large deformations due to 
concrete crushing near the bottom part of the studs and 

yielding in the steel stud shank. Vertical and diagonal 
cracking of the concrete elements were also 
observed.Fig.10a shows the concrete block after the testing 
of specimen RW1, while Fig. 10b shows the corresponding 
steel plate. The distribution of the crushed concrete zone and 
the crack pattern can be observed in the previous picture and 
the small remaining parts of the failed welds in the latter 
picture. The specimens with only CSPs showed a very ductile 
failure, with registered slips exceeding 20 mm without any 
observed shear failure of the connectors. Fig. 10c shows the 
concrete part of specimen RC1 after the test. Also in this 
case, the large slips are caused by concrete crushing and
yielding of the connectors. Two distinct plastic hinges were 
developed in the CSPs, one at the interface between the steel 
and the concrete and the other a few centimeters into the
concrete. The largest difference in comparison to the studs, 
is that the CSPs in most cases remains in one piece even at 
very large slips, which can be seen in Fig. 10c. It should also 
be noted that the typical failure of the CSPs involves yielding 

Fig. 9 Load-slip diagrams for the tested specimens 
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at the edge of the bearing steel plate, which is shown in 
Fig. 10d. In some cases, as for specimens of Type D, a shear 
failure occurred in the CSPs. Such a failure was followed by 
a reverse movement of the end of the failed CSP. This implies 
that the end of the failed pins were sticking out, as shown in 
Fig. 10e, indicating which pins that have failed. 

3.2 Transverse separation and CSP end-displacement

The measured transverse separations indicate an almost 
linear behaviour in relation to the measured slip, with a 
magnitude of 10-20% of the vertical slip. This corresponds 
to a separation of 1.3-2.5 mm at the ultimate load level. For 
the majority of the specimens, the measurements indicate a 
remaining transverse separation after the initial 25 load 
cycles of between 10-40% of the ultimate load. When the 
specimen is loaded to failure, the separation growth rate is 

initially small or even negative, representing a closing of the 
gap created by the initial cycles. The results from the 
specimens with WHSs (Type RW and E) deviate from the 
specimens with only CSPs, which is expected since they are 
a lot stiffer and have heads that counteract the transverse 
separation.

In order to gain a full perspective of the behaviour of the 
test specimen compared to the load situation in a beam, the 
transverse separation also needs to be evaluated together with 
the clamping force, which is done in the next Section.

The end displacements of the CSPs ( CSP) are plotted in
Fig. 11a in relation to the vertical slip ( ). The displacement 
is positive when the CSPs are moving into the steel plate. The 
selected specimens from each series correspond to those that 
were closest to the mean values of the respective series. The 
plotted curves are the mean values for all CSPs within the 
specimens, which are terminated when the first pin fails or 

Fig. 10 Test specimens after the testing

Table 2 Load-slip test results
Series/ fcm,cube fcm28,cube Ecm Pu Pu,m Pu / Pu,m PRk,EC4 PRk,EC0 Pu u uk kc0.4 k0.75PRk

specimens [MPa] [MPa] [GPa] [kN] [kN] [-] [kN/SC] [mm] [mm] [mm] [kN/mm]

Ty
pe

 R
C

RC1

C
30

/3
7 47.0

Min: 44.7
Max: 48.8

46.3
Min: 44.6
Max: 48.3

32.7

598

611

0.98

132 138

13.7 17.4

14.3

60.8 37.4
RC2 625 1.02 12.0 20.8 46.5 35.6
RC3 586 0.96 21.3 >22.0 55.8 35.4
RC4 633 1.04 13.5 15.9 50.2 34.4
RCX 530 - - - - 11.6 - -

Ty
pe

 R
W

RW1

C
30

/3
7 52.9

Min: 51.4
Max: 55.8

53.9
Min: 51.2
Max: 55.7

33.9

811

805

1.01

165 163

14.8 >22.0

12.1

372 94.4
RW2 800 0.99 16.3 >22.0 458 124
RW3 733 0.91 12.8 13.4 272 119
RW4 876 1.09 >22.0 >22.0 265 144
RWX 659 - - - - 17.0 -

Ty
pe

 A

A1

C
20

/2
5 30.3

Min: 27.8
Max: 32.7

33.4
Min: 32.2
Max: 34.4

28.7

619

597

1.04

128 138

21.1 > 22.0

17.9

57.6 36.6
A2 586 0.98 20.7 > 21.0 55.1 38.9
A3 606 1.01 18.8 > 22.0 57.5 35.2
A4 571 0.96 21.3 > 22.0 47.8 30.8
A5 605 1.01 17.9 19.9 50.8 33.4

Ty
pe

 B

B1

C
40

/5
0 47.0

Min: 44.0
Max: 48.4

50.8
Min: 49.7
Max: 51.7

32.7

654

640

1.02

141 154

19.0 > 22.0

16.0

74.0 36.0
B2 636 0.99 15.5 17.8 56.8 31.8
B3 625 0.98 18.8 20.3 74.0 39.8
B4 643 1.00 18.8 18.9 69.5 36.3
B5 642 1.00 18.8 22.0 81.7 40.6

Ty
pe

 D

D1

C
30

/3
7 50.2

Min: 48.8
Max: 51.8

52.0
Min: 48.9
Max: 53.8

33.4

659

643

1.03

137 146

14.2 14.6

9.2

67.5 44.2
D2 607 0.94 8.7 10.4 105 54.1
D3 626 0.97 11.6 16.2 80.6 54.7
D4 656 1.02 9.1 10.2 84.4 56.4
D5 666 1.04 11.2 15.4 90.0 54.3

Ty
pe

 E E1

C
30

/3
7 46.3

Min: 45.2
Max: 46.8

43.1
Min: 42.5
Max: 43.7

32.6
682

689
0.99

153 165
11.9 13.1

8.7
271 72.0

E2 686 1.00 8.9 9.7 192 86.4
E3 698 1.01 10.0 11.4 176 76.6
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when the slip reaches 20 mm. When the first pin fails, it starts 
to move in the opposite direction compared to the other 
connectors as described in section 3.1, implying that the 
mean value is no longer relevant. The CSP end-
displacements show a linear behaviour in relation to the 
vertical slip, after an initial phase with small or no 
movements up to a slip of approximately 1 mm. For the 
specimens with four CSPs and 30 mm steel plate thickness 
(Type RC, A and B), the mean value of the CSP-movements 
varies between 0.3-1.0 mm after a slip of 10 mm. However, 
13 of 15 tests are within the interval of 0.6-1.0 mm, and the 
two divergent tests are both of Type A. The specimens of 
Type D, with 45 mm steel plates, all show smaller CSP-
movements with magnitudes of 0.1-0.25 mm after a slip of 
10 mm. The corresponding values for the Type E specimens 
are 0.3-0.4 mm.

When the CSP-movements are compared to the measured 
hole diameters, no strong correlation can be found. The most 
interesting observation is that the steel plate thickness seems 
to be of high importance for the CSP end-displacement.

3.3 Clamping force

The relation between the total clamping force registered 
in the two rods (PRod) and the applied load (P) has been 
plotted over the slip in Fig. 11b. The initial shape of the curve 
is explained by the fact that the tests started with an initial 
clamping force of 2 kN, which gives the infinity as the 
starting point for the relationship. It can be noted that the total 
clamping force prior to the failure are below 8% of the 
applied vertical load for all tests specimens. When the 
clamping force is plotted over the applied load it can be 

observed that the initial clamping force decreased in the 
beginning of the test, this observation is discussed in the next 
chapter.

4. Analysis

The analysis is focused on two main aspects, the load 
capacity of the shear connection and the evaluation of the test 
set-up.

4.1 Load capacity and stiffness

The design rules for shear studs in EC4-2 are based on 
empirical examinations over the years (Hicks et al. 2014). 
The design requires a double verification of the shear 
connection resistance, where equation (5) gives the shear 
resistance in case of a failure in the shear studs, while 
equation (6) and (7) gives shear resistance in case of a failure 
in the concrete.

where V is the partial factor, d is the diameter of the 
shank of the studs, fu is the ultimate tensile strength of the 
stud material (limited to 500 MPa), fck is the characteristic 
cylinder compressive strength and hsc is the overall nominal 
height of the stud. 

As a first step in the evaluation, the test results have been 
compared against equation (5) and (6), by plotting the 
relationship between the shear capacity (PR) and the concrete 
compressive strength (fck), see Fig. 12. The results are 
presented separately for the WHSs and the CSPs in Fig. 12a
and Fig. 12b, respectively (with the exception of specimen 
Type E which is plotted in both diagrams since it contains 
both types of shear connectors). The dependency of the stud 
diameter in equation (5) has been rewritten as a dependency 
of the connectors shear area, Asc, to enable a comparison 
towards the CSPs. The partial factors have also been 
excluded and mean measured values of the variables are used 
within the equations.

From Fig. 12, it can be noted that all test results are on 
the safe side compared to the lowest design capacity given 
by equations (5) and (6). Also the characteristic values, 
presented in Table 2, are all clearly on the safe side if the EC0 
model is used, while the EC4 model gives characteristic 
values that are almost equal to the design criteria for the Type 
RC and D specimens and on the safe side for the others. As 
shown in Fig. 12b, there seems to be a correlation between 
the measured shear resistance and the concrete compressive 
strength, but not as strong as equation (6) indicates. Linear 
regressions based on the characteristic values evaluated by 
the EC0 and the EC4 models, shows that the shear capacity 

Fig. 11 (a) CSP end-displacement vs. the slip, (b) the 
clamping force plotted vs. the slip. 

(5)

(6)

(7)
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of a single CSP increases by 0.8-0.9 kN/MPa. Regarding the 
shear resistance of the pin itself, the tested tensile strength 
have been used and the limitation of the ultimate tensile 
strength required by EC4 has not been taken into 
consideration (fu
resistance, PR,s, would be lowered to 152 kN for WHSs and 
95 kN for CSPs. For the CSPs, this would imply that the 
expected failure according to the design formulas would have 
been a shear failure of the pins at low loads levels.

A study of the impact of different steel flange thicknesses 
has been done by a comparison between the specimens of 
Type RC, B and D, which have steel flange thicknesses of 30 
mm and 45 mm, respectively. The mean concrete 
compressive cube strength is comparable for the studied 
specimens, with a range of 47-50 MPa. Regarding the failure 
load, the test results indicate no significant difference 
between the two tested steel flange thicknesses. However, 
there is a difference in the ductility of the shear connection 
and in the stiffness. The Type B specimens with the lower 
steel plate thickness shows a more ductile behavior with a 
longer yielding plateau on the load-slip curve, while the Type 
D specimens with the thicker steel plates have a more distinct 
and earlier failure. The characteristic slip capacity ( uk) is 
55% and 75%, respectively bigger (Type RC and B) for the 
30 mm plates in comparison to the 45 mm plates. 

The initial stiffness (k0.4Pu) and the serviceability stiffness 
(k0.75PRk) both indicate a dependency of the steel plate 
thickness. A comparison between the Type RC, A, B and D 
specimens, shows that the initial stiffness varies between the 
test series, with mean values of 53.3, 53.8, 71.2 and 85.4 
kN/mm, respectively. The Type D specimens are the stiffest 
and deviate a bit from the others, even though the Type B 
specimens also are somewhat stiffer in comparison to the two 
other types. A similar comparison of the serviceability 
stiffness shows a stronger dependency of the steel plate 
thickness. The mean values of k0.75PRk for the tests with 30 
mm steel plates are all within the interval 35.0-36.9 kN/mm, 
whereas the corresponding value for the Type D specimens 
is 52.7 kN/mm. In this comparison, it should be noted that 
the stiffness k0.75PRk are not corresponding to exactly the same 
load levels, since the characteristic capacity has been 
evaluated for each individual test series. In the study 
presented by Buckby et al. (1997), the initial stiffnesses 
(kc0.44) after three shake down cycles, with a load range of 
0.1-0.44 Pu, varied between 90-110 kN/mm and 65-120 

kN/mm, for steel plate thicknesses of 25 mm and 35 mm, 
respectively. From these results it is hard to identify any 
impact of the steel flange thickness, on the stiffness. 
Nevertheless, it is expected that an increased rigidity in the 
connection between the CSP and the steel flange would 
increase the stiffness of the connection. This is also 
supported by additional project specific tests from the UK, 
on specimens with steel plate thicknesses from 6 – 17.5 mm. 
However, the absolute stiffness varies a lot between the 
different tests, which is believed to be dependent on the 
different types of test set-ups and the presence of different 
clamping forces and constraints, which is discussed in the 
next section.

A similar comparison of how the stiffnesses are related to 
the concrete strength, shows no clear signs of a dependency. 
The mean stiffnesses for the Type RC and A specimens are 
almost identical, even though the concrete cube strength is 
47.0 MPa and 30.3 MPa, respectively. More tests providing 
a broader spectrum of concrete strengths would have been 
useful. The tests were planned to be representative for three 
concrete strength classes C25/30, C30/37 and C40/50. 
Unfortunately, for the two higher strength classes the 
delivered concrete appeared to have almost the same 
concrete strength, even though different concrete mixes were 
used. In the absence of additional tests, a parametric study 
will be performed on FE-models calibrated to the tests results 
presented in this paper, in order to broaden the study of the 
impact of the concrete strength as well as the steel plate 
thickness.

The Type E specimens were tested to establish the 
behavior of the CSPs used in combination with existing shear
studs. The test results show that there is a big difference in 
the initial load-slip behavior of the CSPs compared to WHSs. 
This difference is less important in the ULS since both types 
of connectors show a very ductile behavior with large slips 
before the final failure. When the stiffer WHS starts to yield 
the CSPs will take the additional load until both types of 
connector yield. If the failure load (Pu) for the Type E 
specimen is estimated based on the mean failure loads for the 
Type RC and RW, with comparable concrete compressive 
strengths, the predicted failure load would be 708 kN 
compared to the measured mean value of 689 kN (-2.7%). If 
a similar comparison is done for the initial stiffness and the 
serviceability stiffness, the prediction would be 198 kN/mm 
and 78.0 kN/mm, respectively. This can be compared to the 

Fig. 12 Test results vs. the shear resistance criteria in EC4-2
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measured mean stiffnesses of 213 kN/mm (+7.6%) and 78.3 
kN/mm (+0.3%). It should be noted, that this comparison is 
based on the load-slip diagrams that commence after the 25 
shake down cycles. The force applied during the shake down 
cycles will be unevenly distributed between the two types of 
connectors, due to the large difference in the stiffness. This 
implies that the CSPs will not follow the load-slip curves that 
corresponds to the 26th loading up to 240 kN, for a test with 
only CSPs. The response will instead be more similar to the 
first load cycle, since the impact of the shake-down cycles 
have limited effect on the weaker CSPs. Fig. 13 illustrates 
the mean load-slip curves for test specimens Type RC, RW 
and E, together with a combined curve RW/RC representing 
a test specimen with 2 WHSs and 2 CSPs. The initial S-shape 
of the CSP curve is not observed in the first load cycle, which 
explains the different shapes of the Type E curve and the
RW/RC curve at slips up to 1.2 mm. However, it is obvious 
that the Type E specimens exhibit a stiffer behaviour than the 
prediction based on the combined load-slip behavior of the 
Type RW and RC specimens. One explanation to the higher 
stiffness might be the impact of the reduced transversal 
separation through the headed shear studs. To illustrate the 
effect of a 35% stiffness increase of the CSPs, the RW/RC-
stiff curve is plotted in Fig. 13 for comparison purposes.

Based on the test results presented above for the Type E 
specimen, a conservative estimation of the total shear 
connection stiffness, and a good estimation of the failure 
load, can be done through superposition of the load-slip 
curves for two CSP and two WHSs, tested separately.  This 
information can be useful in order to estimate the shear 
connection stiffness in a global model and to establish the 
ultimate capacity of a shear connection with different types 
of connectors. In the SLS and Fatigue Limit State (FLS) 
stages the local force distribution between the shear 
connectors are of higher importance and need to be studied 
separately in the design stage. Secant modulii for the studied 
load levels can be used in the comparison, in order to 
simplify the design model and avoid non-linear spring 
elements.

The analysis of the shear connector stiffness is based only 
on the push-out tests presented above. However, a field 
monitoring performed, by Hällmark et al. (2017), on a bridge 
strengthened with CSPs indicate that the shear connection 
behaves as a totally rigid connection at the tested load levels, 

which corresponds to approximately 80% of the FLS load. 
Future beam tests will be performed to study the stiffness on 
a structural level in the ULS.

4.2 Evaluation of the test set-up

In comparison to the standard push-out test, a clamping 
force is used in the test set-up presented in this paper. As 
highlighted by Hicks et al. (2014), the standard specimens 
are designed to transfer the forces in a similar way as a 
composite girder. However, the eccentricity between the load 
introduction point in the concrete and the centre of the 
support will result in a moment, see Fig. 14a. This moment, 
0.5P e, will be counteracted by frictional forces (Ff) at the 
base and compression forces (Fc) in the compression zones 
against the steel beam at the top, but also by tensional forces 
(Ft) developed in the shear studs. 

If the external forces acting on the steel plates are plotted 
for the push-out test set-up presented in this paper (see Fig. 
14b), some important differences can be noted. The steel 
plates are a lot thinner than the concrete slabs in the standard 
test (3.3-5 times), which implies that the eccentricity between 
the load introduction point and the support point is a lot 
smaller, which in turn leads to a smaller eccentricity moment 
and a smaller compression force in the top of the steel-
concrete interface. The load transferred to the steel plate by 
each CSP will consist of both the vertical force component 
(FV) and the support reaction caused by the moment (MV).

The position of the force resultant (FB,R) will be 
dependent on several different parameters, such as the steel 
plate thickness and the load level, assuming constant CSP
properties. A thicker steel plate will provide a longer distance 
between the counteracting force couple in the holes, provided 
by the contact bearing pressure. A higher load level will 
result in an increased concrete crushing around the
connectors, which shifts the load introduction point on the 
CSPs away from the steel concrete interface, which gives a 
higher moment. The material parameters of the steel and the 
concrete will, of course, also influence the behaviour.

Another difference is the absence of heads on the 
connectors, so that the tensional force component at the steel 
concrete interface is limited to the friction at the CSP-
surface. The combination of a lower eccentricity moment and 

Fig. 13 Mean load-slip curves for the Type RC, RW and E specimens and predictions of the Type E curve
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the negligible tensile capacity of the connectors implies that 
a clamping force is required to balance the horizontal force 
components developed during the tests. 

Initially, the connectors are perpendicular to the steel-
concrete interface. When the load on the CSPs increases, the 
CSPs will deform and the slip at the steel-concrete interface 
will increases as well. If the direction, , of the force FR, in
Fig. 14b, is assumed proportional to the slip, , and the 
inclined compressive strut, FR, is divided in a vertical and a 
horizontal force component of FV and FH, respectively. Then 
the total clamping force in the two rods, FRod, could be 
expressed by a moment equilibrium around the support point 
assuming an equally load distribution between the four shear 
connectors, as follows:

where C is a fictive rotational stiffness factor, e is the 
eccentricity of the vertical bearing force resultant, FB,R,
acting on the steel plates and FRod.ini the initial clamping force 
in the two rods when the tests starts. 

As presented in section 3.2, due to the initial shake down 
cycles there is an existing gap between the steel and concrete 
when the final test starts. The horizontal force Fc is therefore 
neglected in (8). The C and the e parameters are unknown, 

but can be estimated after the tests through curve fitting, in 
order to find out if the specimens behave in line with 
equation (8). Fig. 15a illustrates the relationship between the 
mean value of the measured clamping force, PRod, and the 
slip, , together with the prediction of the clamping force in 
line with the force model presented in equation (8). It should 
be highlighted, that the force model presented in this section 
has been studied only to provide an insight in how the forces 
are distributed within the test set-up. No attempt has been 
made to create a general model for the prediction of the 
forces prior to the test.

For the specimens with steel plate thickness 30 mm (Type 
RC, A and B) the adapted values on the parameters C and e 
are 1.0°/mm and 6.0 mm, respectively. Whilst the 
corresponding values for the Type D specimen, with steel 
plate thickness 45 mm, are 1.5°/mm and 3.0 mm. As shown 
in Fig. 15a, the calibrated force model manages to simulate 
the measured forces in the clamping rods quite well at 
moderate slip levels, while the model deviates from the 
measured values when the plastic slip increases. The e and 
C parameters seems to be strongly dependent on the steel 
plate thickness, while it is hard to identify any correlation to 
a varying concrete strength. It can be noted that the tests 
commenced with an initial clamping force of 2-3 kN, which 
decreased during the initial loading, before it started to grow. 

Fig. 14 (a) Forces acting on the concrete slabs, (b) Forces acting on the steel plates

Fig. 15 (a) Clamping force vs. the slip, (b) Total load vs. the clamping force

(8)
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The initial decrease is caused by the eccentricity moment,
which is very small in comparison to a standard push-out test. 
This implies that the horizontal force component acting on 
the connectors will be dominating when the load level 
increases. Keeping the other parameters constant, if the 
eccentricity, e would be increased the eccentric moment 
would be more dominating and there should be no problems 
with separations at moderate load levels. In Fig. 15b, the 
relationship between the applied force, P, and the clamping 
force, PRod, has been plotted based on the mean values from 
the tested specimen Type A. A prediction of the clamping 
force, in line with equation (8), for a specimen with 50 mm 
eccentricity is also plotted in Fig. 15b, to illustrate the impact 
of an increased eccentricity. As shown in the figure, this 
would suggest that there would be no tensional forces in the 
rods before the load exceeds approximately more than 90% 
of the ultimate capacity. At lower load levels, a compressive 
force, Fc, would instead be developed in the upper part of the 
steel-concrete interface, as illustrated in Fig. 14b. An 
eccentricity of this magnitude or larger would be possible to 
achieve, if the steel plates were replaced by H- or T-sections 
instead, or by using the standard test set-up.

If there were no clamping forces, the steel plates would 
rotate around the support point and separate from the 
concrete already at low load level, which was observed in the 
two reference tests (RCX and RWX) that were tested without 
clamping rods. In a steel girder bridge, the steel girder would 
by far be the stiffest part and would not be affected 
substantially by any separating forces. However, the weaker 
concrete part would be subjected to a vertical uplift force due 
to inclination of the compressive strut. This potential uplift 
cannot easily be simulated in a push-out test, since there are 
several factors that would affect this such as the curvature of 
the loaded structure, the existence of a continuous shear
connection, the concrete dead load etc. The potential uplift 
will instead be investigated through a future beam test series 
performed by the authors.

During the tests presented in this paper, gaps occurred at 
the steel-concrete interface from the top of the specimen 
down below the lowest shear connector, at load levels far 
below the ultimate load capacity. This implies that the critical 
parts of the concrete, above the shear connectors, should not 
benefit from any positive constraint in the ultimate state. This 
might not be the case for some of the other test set-ups 
previously used for testing CSPs. If the results presented in 

this paper are compared to results from tests on similar 
specimens, but with higher constraints, different shapes on 
the load-slip curves are observed. The static test reported by 
Fahleson (2005), was performed on a similar specimen as in 
this report, but with four welded steel straps that connected 
the two steel plates at two levels on each side, whereas 
Buckby et al. (1997) used the same specimen but with only 
steel straps in the upper part of the specimens, see Fig. 2b. In 
Fig. 16a, the load-slip curves presented by these researchers 
are plotted together with the mean load-slip curves for the 
specimens presented in this paper with CSPs only. In addition 
to these tests, a load-slip curve from a project specific push-
out test (Tinsley Viaduct) is also plotted. The latter test was 
performed on a specimen of the type shown in Fig. 2c.

As shown in Fig. 16a, the curves from the Tinsley tests 
and the test reported by Fahleson (2005) are deviating from 
the others, characterized by the steeper inclination in the 
plastic part of the curve. These two test set-ups are associated 
with a high degree of constraint, with two pairs of clamping 
rods respectively steel straps at levels near the positions of 
the connectors. Even though the clamping forces have not 
been reported from these tests, it is expected that the stiffer 
behaviour is a result of the higher constraint and the 
additional contribution from the friction at the steel-concrete 
interface caused by this constraint. Another interesting 
observation is that the load-slip curve reported by Buckby et 
al. (1997) are almost equal to the load-slip curves presented 
in this paper. This implies that the results reported by Buckby 
et al. (1997) and Fahleson (2005) deviate a lot, even though 
the tested specimens were almost identical, with the 
exception of an extra pair of clamping steel plates near the 
lower shear connectors in the tests by Fahleson (2005). 

Whilst there are too few tests available to draw any 
general conclusions about different test set-ups, based on the 
available results, the test set-up presented in this paper and 
the test set-up used by Buckby et al. (1997), seems to give 
comparable results. The positive effect of the constraint 
caused by the clamping force should be negligible in the 
ultimate limit state, since a gap have been both measured and 
visually observed over almost the entire height of the steel-
concrete interface, with the exception of the lowest 
centimetres where the specimens might have been in contact 
also in the ultimate state. The measured clamping forces are 
also small in comparison to the horizontal forces in push tests 
that are recommended by Hicks and Smith (2014), who 

Fig. 16 Load-slip diagrams for different types of push-out tests: (a) CSPs, (b) WHSs
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compared the performance of headed studs in full-scale 
beams and companion push-out test specimens with profiled 
steel sheeting. However, since there are no beam tests 
performed on CSPs, the behaviour and the shear connection 
stiffness at a structural level cannot be determined with 
certainty. 

A comparison of the results from the reference tests 
performed on WHSs and load-slips curves reported by Roik 
and Hanswille (1983) and Spremic et al. (2013), for different 
shear stud dimensions, indicate that the alternative test set-
up gives a more ductile failure than the standard test set-ups, 
see Fig. 16b. The ultimate capacity is also a bit higher, but 
this can be explained by the fact that the material parameters 
differs between the two curves for the Ø22 mm specimen. If 
the ultimate capacity values for the WHS tests are compared 
to test results on specimens with similar concrete strength 
and tensile strength of the studs, summarised by Hicks 
(2017), then the ultimate load capacity corresponds quite 
well to the test results from standard tests. The load-slip 
curves follow each other up to a load level of approximately 
60% of the ultimate load, before they separate. The 
difference in the ductility between the test set-up is not 
crucial, since the ductility criteria of 6 mm in EC4-2 is 
fulfilled by far.

5. Conclusions and future research

Based on the experimental study presented in this paper, 
the following conclusions can be drawn:

A nominal static strength of 130 kN per coiled spring pin 
(CSP) was recommended by Buckby et al. (1997), for pins 
installed in C30/37 concrete and with 25-35 mm steel 
flanges. The tests presented in this paper, with cube strengths 
within the interval of 30-53 MPa, indicate that 130 kN/CSP 
can be used for a wider range of concrete strength classes 
since the tested characteristic resistances of the CSPs are 
higher for all tests evaluated in line with the EC0-model. 
However, the Type A specimens give a characteristic strength 
slightly below this value (128 kN/CSP) if the simplified 
method in EC4 is used. Yet, the results indicate that the 
impact of the concrete strength on the ultimate load capacity 
seems to be quite low. The same conclusion is valid for the 
tested steel plate thicknesses. The evaluation of the test 
results has so far been done according to the double 
verification criteria in EC4-2, checking the resistance in case 
of a failure in the shear studs respectively the concrete. For a 
deeper understanding of the CSP behavior, a third 
verification criteria, taking into account the bearing failure in 
the steel flanges due to the contact pressure caused by the 
CSPs, should be considered. This will be investigated by FE-
models calibrated to the test results presented in this paper.

Even though the impact of the steel plate thickness on the 
ultimate capacity is quite low, this parameter seems to 
influence the stiffness of the shear connection quite a lot and 
also the ductility. Furthermore, the influence of the concrete 
strength on the stiffness seems to be very low at moderate 
load levels. It should also be highlighted that there is a big 
difference in the stiffness of coiled spring pins and welded 
shear studs. This is of high importance if an existing shear 
connection is strengthened with coiled spring pins, for the 

behavior at moderate load levels.
The evaluation of the test set-up shows that it is necessary 

to apply a clamping force on this type of push-out test, in 
order to avoid separations driven by the geometry of the 
specimen. The clamping used in the test series will not give 
any positive constraint effects in the ultimate state, since a 
gap is developed early in the test. However, the evaluation of 
previously used test set-ups indicate that higher degrees of 
constraint might give non-conservative test results due to 
positive effects from the constraint also in the ultimate state.

Future push-out tests are considered to be performed on 
standard specimens, with a steel section that are cut into two 
halves prior to the installation of the CSPs and then welded 
back into one unit after the installation of shear connectors. 
It should be noted that the HE260B section specified by EC4-
1-1 in the standard test has to be replaced, since the steel 
flange thickness is a parameter that will affect the test results.

The experimental results presented in this paper will be 
evaluated further and compared to FE-modelling. The FE-
models will be used to perform a parametric study to find out 
if it is possible to present more general design guidelines and 
to develop design formulae. This study of the static capacity 
of CSPs, has been complimented by a fatigue test series with 
12 specimens, which will be reported separately. Finally, in 
order to extend the push-out test results to beam behaviour, 
beam tests are planned.
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1. Introduction

Many existing bridges are experiencing higher traffic 
loads and an increased number of load cycles than they 
originally were designed for. To keep these bridges in 
service, bridge assessment is often the first and the most cost 
effective method. However, if the assessment indicates that 
the load capacity is too low, an effective and well adapted 
strengthening method is often advantageous compared to a 
bridge replacement, both in terms of costs and environmental 
impact. The appropriate strengthening methods varies 
between different types of bridge structures and also between 
structures of the same type, since object specific conditions 
need to be taken into account, implying that an investigation 
for the individual structure is often required. 

Steel girder bridges with concrete decks are nowadays 
designed as composite structures, which has also been the 
case in the recent decades. However, there are many existing 
non-composite steel concrete bridges in the Nordic countries 
and some of them were constructed as late as the 1980s. 
According to the national Transport Administrations bridge 
managing systems in Sweden, Finland and Norway, there are 
more than 2000 existing bridges of this type. If an assessment 
indicates that the traffic load capacity is too low, in terms of 
global moment capacity, post-installation of mechanical 
shear connectors is one possible method to increase the load 
capacity for this type of bridge (Kwon 2008, Peiris & Harik 
2014). Post-installed shear connectors create a shear transfer 
at the interface between the steel girders and the concrete 
deck slab, implying that the traffic loads and any subsequent 
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applied dead loads will act on a composite cross-section, 
which gives a better use of the existing structural parts.

There are many types of shear connectors that can be used 
in steel-concrete composite bridges (Schaap 2004, 
Hungerford 2004, Hällmark et al. 2016). Undoubtedly, the
most common type of shear connector in new structures is 
the welded headed stud, for which detailed design criteria are 
provided by national and international standards, such as 
EC4-2 (2005) and AASHTO (2017). In new structures, 
welded headed studs offer an effective installation procedure 
with the drawn arc stud welding performed in the steel 
workshop under controlled conditions and with good access 
to the upper flanges. In an existing structure, this type of 
installation procedure would require the removal of any 
pavement, waterproofing and the concrete above the steel 
upper flanges. Such an installation procedure would often be 
impractical, if the concrete deck slab is in good condition, 
since it would require the bridge to be partly or totally closed 
during the installation. However, there are other types of 
shear connectors that are more suitable for post-installation, 
especially connectors that can be installed from below the 
bridge deck with no or minimized impact on the traffic 
running on the bridge.  A comprehensive study of different 
type of post-installed shear connectors has been performed at 
the University of Texas at Austin, by Hungerford (2004), 
Schaap (2004), Kayir (2006) and Kwon et al. (2009, 2010a, 
2010b, 2012), while more recent studies have been 
performed by Pathriana et al. (2015, 2016a, 2016b) and 
Henderson et al. (2017). Hällmark et al. (2016) presents a 
compact review of some of the research performed on post-
installed shear connectors such as high tension friction grip 
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bolts, adhesive anchors, mechanical anchors, embedded 
bolts, threaded shear studs, blind bolts and interference fit 
connectors.

The Coiled Spring Pin (CSP) is one example of an 
interference fit connector that is suitable for post installation. 
The CSP is a standardized product that is manufactured from 
steel plates that are spirally wound 2.25 times around the 
central axis of the pin, see Fig. 1.

Fig. 1 Coiled spring pin

The type of CSP that is best suited as shear connectors in 
bridges is the “Heavy Duty” type, with the highest shear 
capacity, which is covered by the international standard ISO 
8748 (2007). Even though CSP is a standardized product that 
have been used as fasteners for different applications over 
many years, there are only a few civil engineering 
applications that have been found in the literature (Pritchard 
1992, Buckby et al. 1997, Fahleson 2005, Olsson 2017). As 
a post-installed shear connector, the CSPs can be installed 
from below, like adhesive- and mechanical-anchors, and 
offer a single-component installation with no adhesives, 
grouting, welding or tightening. The typical installation 
procedure, illustrated in Fig. 2, includes the following steps: 
(1-2) precision-drilling through the steel and the concrete; (3) 
jacking; and (4) sealing (corrosion protection). The CSPs 
rely on the radial spring forces that are developed instantly 
when the pins are press fitted into the holes drilled through 
the connecting parts, which implies that the connectors can 
be installed even with traffic on the bridge (Pritchard 1992, 
Buckby et al. 1997, Olsson 2017). 

Fig. 2 Schematic illustration of the CSP installation

For types of shear connectors other than headed shear 
studs EC4-2 (2005) states that “the behaviour assumed in 
design should be based on tests and supported by a 

conceptual model”. This implies that the design of the shear 
connection with CSPs has to be based on design models 
supported by test results. For the use of CSPs in bridge 
applications, the present authors have identified an 
information and knowledge gap about the static and fatigue 
capacity as well as the structural behaviour. So far, the only 
recommendations available in the literature are those 
published by Buckby et al. (1997), which are based on 
project specific tests for a bridge strengthening project in 
Canada. These recommendations are limited both in terms of 
concrete strength and in terms of thickness of the steel upper 
flanges.

If it would be possible to develop more general design 
criteria and guidelines for the use of CSPs as post-installed 
shear connectors, the need for future project specific tests 
could be reduced or eliminated, thereby removing the 
barriers for bridge designers to use this strengthening 
technique. In order to progress towards more general design 
guidelines for CSPs, the present authors have performed 
static and fatigue push-out tests as well as field monitoring 
of a bridge strengthened with CSPs. The static tests and the 
bridge monitoring have been reported in Hällmark et al. 
(2018a) and Hällmark et al. (2018b), while this paper 
presents a new fatigue push-out test series of nine specimens, 
together with an evaluation of all available fatigue tests on 
CSPs, so far.

2. Fatigue push-out tests

The fatigue strength of shear connectors is generally 
tested by fatigue tests on standard push-out test specimens. 
Beam tests can also be used, but this involves several 
uncertainties that must be investigated or measured to assure 
that the test result is based on correct assumptions. Roik & 
Hanswille (1990) present some of the difficulties with the 
interpretation of beam tests results. For instance, the shear 
forces transferred by the studs must be estimated by strain 
measurements, which is a rather inexact method. The force 
acting on a connector will also be dependent on the varying 
slip along the steel-concrete interface and the modulus of 
elasticity for the steel and the concrete, where the latter can 
vary quite a lot. Beam tests are suitable for evaluation of the 
structural behaviour, such as deflection and redistribution of 
forces, while properly designed push-out tests are suitable for 
testing the static and the fatigue strength of the shear 
connectors, as well as the connector stiffness represented by 
the load-slip behaviour. 

In order to establish the static strength and the ductility of 
shear connectors Annex B of the European design code for 
steel-concrete composite structures (EC4-1-1 2004) presents 
a standard test method and a standard specimen. EC4-1-1
(2004) also states that fatigue test specimens should be 
prepared in line with Annex B, but no test procedure is 
presented for the fatigue test. This has led some researchers 
to modify the test specimen by including a tie or angle at the 
base of the slabs to prevent the development of unrealistic 
uplift forces on the shear connectors (Hanswille et al. 2007).

For the testing of post-installed shear connectors, 
especially connectors designed to be installed with access 
only from below the concrete deck, the standard specimen is 
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not suitable since the geometry makes it difficult to perform 
an installation of the connectors after the manufacturing of 
the specimen. The limited space between the steel flanges in 
the HEB260 section, see Fig. 3, implies that the drilling 
operation cannot easily be performed without enlarging or 
splitting the steel section. There are several possibilities to 
modify the push-out test to make it more suitable for testing 
of post-installed shear connectors. Prior to a previously 
performed static test series on CSPs, Hällmark et al. (2018a) 
performed a survey on different types of alternative push-out 
tests that enable better access for post-installation of shear 
connectors. One of the most interesting alternatives was a 
horizontal test set-up that enables post-installation of the 
connectors from above. Such a test set-up has been used by 
Schaap (2004), Hungerford (2004), Kayir (2006) and Kwon 
(2010a). Ernst (2009) and Lam (2007) have also used 
horizontal specimens in their tests of headed studs, but with 
a different design that would require an installation from 
below the specimen, if it were used for testing of post-
installed shear connectors. Other interesting alternatives 
were different types of inverted test set-ups presented and 
used by Buckby et al. (1997), Pritchard (1992), Fahleson 
(2005) and Döinghaus (2002) among others. The inverted 
tests are inverted by the means that the steel and the concrete 
parts have switched positions, implying that there is a 
concrete block in the middle surrounded by two steel plates 
or beams. This makes the drilling and installation of the post-
installed connectors easier. The specimen tested by Buckby 
et al. (1997) is presented in Fig. 3 to illustrate the difference 
in comparison to the standard specimen from EC4-1-1
(2004). Based on the survey presented in Hällmark et al. 
(2018a), the authors decided to use an inverted specimen for 
the recently performed static test series and the fatigue tests 
presented in this paper. The layout of the specimen is 
presented in detail in the next section.

When using a non-standardised test specimen, it is of 
importance that the test set-up is verified and compared to 
standard tests. Therefore, five reference tests were performed 
on headed shear studs and the results were compared to test 
results from standard specimens with the same dimensions of 
the headed studs and with similar concrete strength. The 
evaluation indicated that the ultimate capacity and the initial 
load-slip behaviour is comparable to standard push-out tests 

(Hällmark et al. 2018a). It should, however, be noted that the 
alternative test set-up shows a higher ductility at large plastic 
slips. The latter should have no influence on the fatigue tests.

Some important factors that are affecting the fatigue 
lifetime of headed studs are highlighted by Roik & Hanswille 
(1990). From the authors’ perspective, it is likely that the 
majority of the factors are the same for CSPs. The most 
important factor is the fatigue stress range, which is defined 
as the difference in shear stresses between the maximum and 
the minimum shear forces acting within the fatigue load 
cycle. The magnitude of the peak load within the fatigue load 
cycle is another parameter that will affect the fatigue lifetime. 
A high peak load will lead to earlier, and more widely spread, 
concrete crushing near the root of the shear connectors, 
which will result in additional bending stresses in the 
connectors that reduce the fatigue lifetime. The same effects 
will be obtained if the concrete strength is lowered, resulting 
in concrete crushing at lower load levels. 

2.1 Test specimen

The test specimens used in the fatigue tests presented in 
this paper are shown in Fig. 4. The geometry of the 
specimens is similar to a previously performed static test 
series containing 28 specimens (Hällmark et al. 2018a). In 
the static test series (Hällmark et al. 2018a), threaded rods 
(M20) with tension load cells (TLC) were used for the 
clamping. In the fatigue tests, the same type of clamping 
method was introduced but with threaded rods (M20) without
TLCs. In the static tests, the TLCs were used to verify the 
clamping force and the behaviour of the test set-up. The 
results showed that the relationship between the clamping 
force and the vertically applied load was increasing during 
the tests. However, the total clamping force never exceeded 
8% of the applied load (even in the ultimate state), and varied 
between 1-2% at load levels corresponding to those used in
the fatigue tests presented in this paper. A clamping force of 
this size would be in the same order of magnitude as the 
positive contribution from the weight of the concrete deck in 
a bridge structure and should not cause unconservative 
results. Prior to the static tests, the nuts on the clamping rods 
were tightened in order to achieve 1 kN/rod. In the fatigue 
tests, the nuts were tightened with a similar torque, even 

Fig. 3 Test(a) Standard push-out specimen from EC4-1-1, (b) Inverted push-out test specimen [mm] 
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though there were no load cells confirming the resulting 
clamping force.

Two different shear connector locations were tested. In 
six out of nine tests, the four CSPs were located at two 
different heights within the specimens in line with the 
previously performed static tests, see Type F1 in Fig. 4a. The 
three remaining tests were performed on specimens in which 
the four shear connectors were all positioned at the same 
height, see Type F2 in Fig. 4b.

The manufacturing of the concrete parts of the specimens 
was not done in line with all the recommendations for the 
push-out tests given in EC4-1-1 (2004). As highlighted by 
Roik & Hanswille (1990), the concrete quality at the root of 
the shear connectors will be important for the fatigue test 
results. To avoid small air pockets or other deficiencies in the 
concrete around the connectors, the concrete parts of the test 
specimens should be cast horizontally, to simulate the real 
and more favorable situation in a normal composite beam 
(Akao et al. 1982). For the alternative type of specimen 
presented in this paper, the concrete block has two sides with 
shear connectors, which implies that there are no upper or 
lower sides. Consequently, the specimens could not be cast 
in a horizontal position with a distinct upper and lower side 
like in a real composite beam. The concrete blocks in the 
tested specimens were instead cast standing vertically, 
contrary to the recommendations presented above. This 
recommendation is however believed to be less important 
when push-out specimens for post-installed shear connectors 
are cast, since the connectors will be installed afterwards in 
holes drilled into the cured concrete. 

Before casting, form oil was applied to the steel plates to 
reduce the friction at the steel-concrete interface. At a 
concrete age of 7 days or more, holes were drilled for the 
installation of the CPSs. The drilling was done with a cutting 
drill through the outer steel plates, followed by diamond core 
drilling into the concrete. The drills had undersized 
diameters, 19.90 mm, compared to the diameter of the CSPs, 
20.40-21.00 mm. The hole tolerance was set to 19.85-20.25 
mm, with an additional requirement of a relative difference 
between the steel and the concrete parts less than 0.10 mm. 
Before the CSPs were installed in the holes, the hole 
diameters were measured both in the steel and the concrete 
parts. The measurements showed that all holes were within 
the tolerances, with the majority of the holes in the upper half 
of the tolerance interval. 

The installation of the CSPs was performed using a 
hydraulic jack, which registered the force needed to press fit 
the pin into the hole. All pins were lubricated with grease 
prior to the installation and the installation force varied 
between 46-144 kN.

2.2 Testing procedure

The fatigue testing was performed with a hydraulic jack 
with a capacity of 600 kN, which applied a unidirectional 
force-controlled load, varying between the predetermined 
load levels. All tests started with an initial frequency of 1 Hz, 
to ensure that the specimen was stable within the testing rig. 
After some thousands of cycles, the frequency was increased 
up to the desired frequency of 4 Hz.

Fig. 4 Fatigue test specimens, (a) Type F1 and (b) Type F2
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The testing procedure, schematically illustrated in Fig. 5,
started with an initial loading (Pini) up to 0-22.5 kN/CSP
above the maximum load in the fatigue load cycle (Pmax,f). 
This overload was used in order to break the bond between 
the steel and the concrete and to simulate the impact of loads 
higher than the fatigue loads. After the initial loading, the 
fatigue load cycling was started with the load range Pf. The 
minimum load in the fatigue load cycle (Pmin,f) was kept 
constant at 5 kN/CSP in all tests, while different Pmax,f where 
tested within the interval of 35-55 kN/CSP. This gives an R-
ratio (Pmin,f/Pmax,f) between 0.09-0.14.

The applied force and the stroke were registered directly 
from the hydraulic jack, throughout the tests. In addition to 
this, eight Linear Variable Differential Transformers (LVDT) 
were used to measure the vertical slip at the steel-concrete 
interface and the corresponding horizontal separation. The 
four LVDTs measuring the vertical movements were placed 
on each vertical side of the test specimen in a position 
between the shear connectors. The corresponding horizontal 
displacements were registered by four additional sensors, 
mounted horizontally close to the position of the vertical 
LVDTs. These sensors were activated in the beginning of all 
tests to measure the slip in comparison to the measured 
stroke. When the behaviour of the specimens had been 
stabilized for some thousands of cycles, the LVDTs were 
locked in their inner extreme position, implying that the 
cyclic movements did not respond in any movement in the 
LVDTs. The LVDTs were released with varying intervals, in 
order to measure the slip and compare it against the 
registered the stroke. When the slip started to increase more 
rapidly, the LVDTs were activated in order to measure the 
final failure. This procedure was undertaken to avoid fatigue 
damage to the LVDTs.

2.3 Material parameters and tolerances

The fatigue test specimens were manufactured together 
with the static test specimens used in the tests presented in 
(Hällmark et al. 2018a). This implied that the steel parts with 
the same thickness came from the same steel batch, for both 
the static and the fatigue specimens. Also the tested coiled 
spring pins and the reinforcement bars were all from same 
batch. The material tests presented below are therefore valid 

both for the static and the fatigue specimens. 
The steel parts of the fatigue test specimens were

manufactured from plates in grade S355K2+N (see Fig. 4). 
Tensile tests performed by the steel manufacturer show a 
yield strength of 408 MPa and a tensile strength of 511 MPa. 
The elastic modulus has not been reported from the tensile 
tests performed by the steel manufacturer and no additional 
tests have been performed. 

The tested CSPs were of standard type ISO 8748 – 20 x 
160 – HWK. The letters indicate that the pin is of type Heavy 
Duty (H) and made out of AISI 6150 Alloy Steel (W) with
no surface treatment (K), while the digits represent the 
nominal outer diameter of 20 mm and the length of 160 mm, 
see Fig. 6. The thickness of the steel plates used to 
manufacture this type of pin are 2.2 mm, in line with the 
product standard ISO 8748 (2007). Four test coupons were 
taken from the pins and tensile tests were performed in line 
with ISO 6892-1 (2016). The mean value of the tested yield 
stress and the tensile strength were 1516 MPa and 1606 MPa, 
respectively with no test result deviating more than 3% from 
the mean value. However, the test results deviate 
significantly from the yield stress and tensile strength of the 
pin base material before cold forming and heat treatment
(550 MPa and 690 MPa, respectively), provided by the 
manufacturer of the CSPs.

The reinforcement consisted of Ø10 mm standard 
deformed bars, K500C-T, which is in line with 
recommendations for the standard test specimen in EC4-1-1
(2004). The mean value of the tested yield stress and the 
tensile strength were 533 MPa and 649 MPa, respectively.

For each concrete batch, cube compression tests were 
performed after 28 days of curing, together with at the 
beginning and at the end of each fatigue test.  All fatigue 
tests were performed on specimens with an age of more than 
28 days, up to 12 month, which implies that the age effect 
between the specimens was not that big. 

The results from the concrete cube strength tests are 
summarized in Table 1, where fcm,cube is the mean strength of 
the cube tests performed at the beginning and at the end of 
each fatigue test. The mean values of the elastic modulus, 
Ecm, have been calculated according to (1) from EC2-1-1
(2005), where fcm is the compressive cylinder strength given 
in MPa. The concrete cube strength has been transformed 
into the cylinder strength by multiplying with factor 0.8.

Fig. 5 Schematic illustration of the loading procedure 

Fig. 6 Dimensions of the tested CSP

(1)
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3. Test results

The fatigue tests were run until there was an observed 
fatigue failure, at Nf load cycles, in at least one of the 
connectors. The fatigue test results are summarized in Table 
1, together with the concrete test results and detailed 
information about the applied load cycle.

After the testing was completed, the steel plates were 
separated from the concrete block in order to visually inspect 
the failure of the CSPs. In contrast to headed shear studs, 
there was not a single distinct crack surface that could be 
inspected after the tests. The failed CSPs have in many cases 
separated into small pieces, which made it hard to identify 
the initiation of the fatigue crack and the propagation 
direction. It should be noted that some cracks and damage 
might have been caused by the removal of the external steel 
plates after the tests were complete, or by the last load cycles 
before the displacement limits were reached and the tests 
automatically stopped. The typical fatigue failure of CSPs 
seems to occur at a section a few millimeters into the steel 
plate, even though some of the CSPs had a second failure a
few centimeters into the concrete, after concrete crushing and 
large deformation. The latter is expected to be a secondary 

static failure mode, occurring after the fatigue failure, since 
the fatigue stresses are expected to be lower in this section. 
Figure 7 shows some representative examples of the 
observed shear failure. The corrosion, visible in some of the 
pictures, occurred during storage of the already tested 
specimens, before they were opened up and photographed, 
and has not affected the test results.

In seven out of nine fatigue tests, failure occurred on only
one side of the specimen. On the other side, the CSPs seemed 
to be unaffected by the fatigue loading, whereas some minor 
concrete crushing could be observed above the pins and 
small local plastic deformations at the hole edges, see Fig. 8. 
In two of the nine tests, F1:1 and F1:5, failure was observed 
on both sides of the specimen. In these cases, fatigue cracks 
seem to have been developed on both sides of the specimen. 
The tests were terminated when the CSPs on one side failed, 
while the final fracture on the other side occurred during the 
removal of the steel plate from the concrete block.

In line with observations made on previously performed 
static push-out tests, the end of the CSPs starts to move out 
from the steel plate after failure has occurred. The 
movements have magnitudes of a few millimeters and can 
easily be observed without any inspection or measurement 
equipment.

Table 1 Fatigue and concrete test results
Specimen Concrete fcm,cube [MPa] Ecm [GPa] Pini [kN] Pmax,f [kN] Pmin,f [kN] Pf [kN] R [-] Pmax,f/Pu [-] Nf [106]

Ty
pe

 F
1

F1:1

C30/37 33.0

50 50 5 45 0.10 0.38 0.086
F1:2 48.5 62.5 55 5 50 0.09 0.42 0.066
F1:3 Max: 49.6 62.5 40 5 35 0.13 0.31 0.367
F1:4 Min: 46.3 62.5 40 5 35 0.13 0.31 0.267
F1:5 50 40 5 35 0.13 0.31 0.306
F1:6 50 40 5 35 0.13 0.31 0.447

Ty
pe

 F
2 F2:1

C30/37
59.4

35.1
45 35 5 30 0.14 0.27 2.813

F2:2 Max: 61.1 50 40 5 35 0.13 0.31 0.438
F2:3 Min: 57.6 45 35 5 30 0.14 0.27 0.760

Fig. 7 Examples of CSP fatigue failures
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3.1 P-N relationship

Generally, the fatigue strength of shear connectors is 
given in terms of shear stress range. For welded headed studs, 
the calculation of the nominal shear area is a straightforward 
procedure only dependent on the diameter of the stud shank. 
In contrast, the manufacturers of CSPs only generally 
provide the outside diameter in their product documentation, 
while the thickness can be found in the product standard ISO 
8748 (2007), but not the shear area. The determination of the 
CSP shear area is complex, due to the clotoidal cross-
sectional geometry, and makes transforming the shear forces 
into shear stresses more difficult. From a bridge designer’s 
perspective, the fatigue capacity of CSPs will be more 
directly applicable if it is considered in terms of load range 
( P) on a P-N curve instead of stress range ( ) on an S-N 
curve.

For the nine fatigue tests, the P-N relationship is plotted 
on a double logarithmic scale in Fig. 9. The test results have 
been separated according to the two types of test specimen. 
From this limited number of tests, no significant differences 
can be observed between the two types of test specimen. In 
the remainder of this paper, the Type F1 and F2 specimens 
will be presented and evaluated together as one test series.

3.2 -N relationship

To illustrate how the permanent slips, , were 
accumulated during the tests, the registered slips have been 
plotted against the number of load cycles in Fig. 10. The 

plotted slip corresponds to the mean value of the measured 
slips registered by the four LDVT-sensors, when these were 
active. Between the intermittent slip measurements, the 
change of the continuously registered stroke has been used to 
fill out the gaps in the diagram and make the curve 
continuous.

4. Analysis

The presented test results from the present investigation 
have been evaluated statistically, by a linear regression 
analysis, with the aim to develop a suitable design criterion 
for fatigue design of CSPs. Previously performed fatigue 
tests on CSPs (Pritchard 1992, Buckby et al. 1997, Fahleson 
2005, Hällmark et al. 2016) are also presented and taken into 
account in the evaluation. It should however be noted that 
test results from specimens with steel plate thickness less 
than 15 mm have been excluded from this evaluation.

In contradiction to the design of shear studs, the authors 
have chosen to present the fatigue strength in terms of forces 
(P) instead of shear stresses ( ). This implies that the analysis 
presented in this paper is only valid for Heavy-duty CSPs 
with a nominal diameter of 20 mm and produced in line with 
ISO 8748 (2007). However, this type of CSP has been used 
in all bridge strengthening projects and research studies 
presented so far (Pritchard 1992, Buckby et al. 1997, 
Fahleson 2005, Hällmark et al. 2016) and are the most likely 
one to be used in future civil engineering applications, since 
it is the strongest CSP among the standardized types and 
dimensions.

Fig. 8 Examples of a CSP that did not fail in the tests

Fig. 10 Permanent slip accumulated during the tests

Fig. 9 Fatigue test results illustrated as a P-N relationship
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4.1 Linear regression

The test results presented in Fig. 9 and the fatigue 
strength curves in EC3-1-9 (2005) are all presented using a
double logarithmic scale. The evaluation of the test results is 
based on the assumption that there is a linear relationship in 
this double logarithmic scale, i.e. there is a linear relationship 
between the log P (or log S) and the log N as described in 
equation (2):

where m is the slope and log a is the intercept of the log N-
axis. A linear regression analysis, based on the least square 
method, has been performed on two groups of test results: (a) 
the new test results presented in this paper; and (b) the new 
test results combined with previous tests performed by other 
researchers. Table 2 presents the detailed results from the 
linear regression analysis, while Fig. 11 illustrates the 

analyzed fatigue strength test results and the two solid 
regression lines.

For the new test series (a), the coefficient of 
determination, R2, indicates that there is a good agreement 
between the linear regression line and the test results, since 
85% of the variance of log N can be explained by log P. Good 
agreement is also obtained if the two other larger test series 
are analysed separately, with R2 equal to 89% for the Tinsley 
tests and 84% for the tests presented by Buckby et al. (1997). 
However, if all available fatigue test results are included in 
the analysis, group (b) presented above, the agreement is not 
so good with R2 equal to 59%. There are several factors that 
can explain why the linear regression lines gives a better 
agreement on a single test series rather than all test series 
analysed as one sample, for instance different types of test 
specimens, varying material parameters and dimensions. 
There are, however, two other factors that the authors would 
like to highlight. 

Table 2 Results from the linear regression analysis
Parameters: Equations: (a) New tests (b) All tests

Number of tests (n) N 9 31

Mean value of log P 1.56 1.57

Variance of log P 0.00537 0.01037

Mean value of log N 5.54 5.95

Variance of log N 0.234 0.448

Covariance of log P and log N -0.033 -0.052

Coefficient of determination (R2) 0.851 0.585

Slope (m) -6.086 -5.028

log N -Inters. (log a) 15.02 13.84

(2)

Fig. 11 Fatigue strength test results with their associated regression lines and characteristic curves
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Firstly, there are differences in the definition of the 
fatigue failure between the different researchers that have 
performed the fatigue tests presented in Fig.9. This is partly 
a consequence of the fact that different researchers have had 
different purposes with their tests. Some have evaluated the 
fatigue capacity of the CSPs with the purpose to strengthen 
an already existing shear connection (Pritchard 1992, 
Buckby et al. 1997), implying that the stiffness of the existing 
shear connectors needs to be taken into account. Buckby et 
al. (1997) handled this by using a restriction of the permanent 
slip of 2 mm, giving the strictest fatigue failure definition so 
far. Another approach was used by the authors of this paper, 
as well as Pritchard (1992) and Fahleson (2005), who 
considered the fatigue failure to occur when the first CSP 
failed under the fatigue load. A combination of these two 
approaches was used in the Tinsley strengthening project, 
where the fatigue failure was considered to occur when the 
first CSP failed, or when the permanent slip reached 5 mm. 
Figure 9 contains results from both types of failures for the 
Tinsley project. If the fatigue failure in the tests by Buckby 
et al. (1997) instead was considered to occur when the first 
pin failed or when the permanent slip reached 5 mm, these
results would be shifted a bit to the right in Fig. 9. The 
authors do not have access to the fatigue load-slip curves 
from all previously performed tests, but the single load-slip 
curve presented in the paper by Buckby et al. (1997), 
indicates that the final failure occurred at 1.4 times the 
number of cycles when the permanent slip passed 2.0 mm. 
This could possibly imply that the test results by Buckby et 
al. (1997) would fit even better to the other test results if a 
similar fatigue definition had been used, with the exception 
of the recent tests by the authors that would deviate even 
more from the other test series.

Secondly, the testing procedure for the tests performed by 
the authors, presented in section 2.2, deviates from the other 
test series in that an initial static overload was used. The 
purpose of the overload, which was up to 50% higher than 

the maximum load in the fatigue cycle, was to break the bond 
between the steel and the concrete prior to the fatigue testing 
and to simulate the impact of loads greater than the fatigue 
loads, which are expected to occur in a real structure. 
However, this overload is expected to cause an additional 
concrete crushing near the root of the CSP, at the steel-
concrete interface, leading to an increased slip in the fatigue 
tests in comparison to a test without the overload. Since the 
CSPs act as a dowel, an increased slip implies that the 
bending of the CSP will be increased, as well as the fatigue 
stress range, resulting in an earlier fatigue failure. The 
magnitude of the increased stress range cannot be evaluated 
from the test results, but will be investigate further in future 
FE-modelling of the tests.

A combination of different types of test specimens, 
different definitions of fatigue failure and the use of initial 
loading in the recent tests, implies that the test results are not 
directly comparable to each other. As a consequence of this, 
a statistical evaluation based on all available test results, 
group (b), should not be given too much attention.

4.2 Characteristic curve

The characteristic fatigue curves in EC3-1-9 (2005) 
represent 95% probability of survival, which correspond to
the lower 5% fractile of the tested fatigue strength. The 
characteristic capacity can be written based on the linear 
form presented in equation (2), using the formulas in 
equation (3) and (4) presented by Schneider & Maddox 
(2003),

Table 3 Parameters used to establish the characteristic curves
Parameters: Equations: (a) New tests (b)All tests

Number of tests N 9 31

Student´s t-score t(0.05) for n-2 degrees of freedom 1.895 1.699

Standard deviation for log N 0.212 0.446

Force at Nc [kN] 27.1 31.6

Correction factor f for at Nc 4.029 1.507

Characteristic log Pc,k 1.301 1.315

Characteristic Pc,k [kN] 20.0 20.6

Characteristic log ak 14.2 12.9

Characteristic c,k [MPa] 84.4 87.1

(3)

(4)
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where is the mean value of the n values of log 
Pi, t5% is the t-score for a one sided 95% confidence interval 

in the Student´s t-distribution with nf degrees of freedom and 
is the standard deviation of the regression line described 

in the previous section. The degrees of freedom, nf, is in this 
case equal to n-2, since there are two coefficients in the 
regression line (m and log P) that have to be estimated. In 
line with EC3-1-9 (2005), the characteristic fatigue strength 
is presented at two million cycles (Nc = 2 106). Table 3 
presents the values on the ingoing parameters in equation (3) 
for the two groups of test results. The characteristic curves 
for each group are plotted in Fig. 11 as dashed lines.

From Table 3, it can be noted that the correction factor (f) 
at two million cycles is quite high for the new test series (a).
This is mainly due to the fact that the mean value of the tested 
load ranges deviates more from the predicted load range at 
two million cycles, in comparison to the other tests series. It 
is expected that additional tests at lower stress ranges would 
reduce this correction factor significantly.

In order to make a comparison against the detail 
category for automatically welded headed studs, the cross-
sectional area of the CSPs (ACSP) have been used to transfer 
the characteristic fatigue strength from force range ( Pc,k)
into stress range ( c,k). The stress ranges, presented in Table 
3 for group (a) and (b) are 84 MPa and 87 MPa, respectively. 
These values can be directly compared to the detail category, 
90 MPa, of welded headed studs. Test series (a) and (b) 
indicate that CSPs have a slightly lower detail category than 
headed studs (90 MPa). However, a similar analysis 
performed on the tests presented by Buckby et al. (1997) 
indicates a detail category that is significantly higher than 
headed studs.

Based on the new test results, group (a), a recommended 
characteristic fatigue strength curve is presented in equation 
(5) and rewritten in (6) using the equation format adopted in 
EC3-1-1 (2005),

where R is the fatigue shear strength (in MPa) of the Ø20 
mm CSP, using the nominal area of 237 mm2, c is the 
reference value at Nc = 2 106 cycles for CSPs (i.e. the detail 
category), m is the slope of the fatigue strength curve and NR
is the number of stress cycles.

On considering Fig.9, it might be argued whether the 
results from test F2:1 should be included in the analysis, due 
its deviation from the other tests; in particular, the identical 
test F2:3. However, its exclusion would result in only a minor 
change to the characteristic fatigue load capacity at 2 million 
cycles, Pc,k, with R2 increasing to 95% and the slope of the 
curve changing to m = 5.0. As a consequence of this, the 
authors have chosen to include this test in the present 
analysis.

To illustrate the differences between the fatigue strength 
curve for CSPs compared with headed studs, equation (6) is 
plotted in Fig. 12 together with the EC4-2 (2005) fatigue 
design criterion for headed studs and the previously 
presented fatigue design criteria for CSPs by Buckby et al. 
(1997), see equation (7).

5. Discussion and conclusions

The research presented in this paper shows that there are 
large variations in the test results between different fatigue 
test series performed on CSPs. However, tests within the 
same test series shows good agreement to the linear 
regression lines, with R2 between 84-89%. The authors have 
identified several possible reasons for these large variations 
such as different types of test specimens and dimension, 
varying material parameters, different definitions of when  
fatigue failure is deemed to have occurred and the use of an 
initial overload or not.

The different types of specimens used in the fatigue tests 
so far have had different layouts and different degrees of 
clamping, provided by threaded rods or welded steel strips. 
For future tests, it would be beneficial if one standardized 
type of specimen could be used, to remove the uncertainties 

(5)

(from ) (6)

Fig. 12 Fatigue strength curves for CSPs and headed studs

(7)
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about the different degrees of clamping and the varying 
eccentricities between the load position and the support 
points. The latter results in a bending moment that has to be 
transferred over the steel-concrete interface, either by the 
shear connectors or by the clamping devices. The authors 
suggests that the next test series is performed on specimens 
that are similar to the standard push-out specimen in EC4-1-
1 (2005), but with welded H-sections in the middle, to be able 
to test relevant steel flange thicknesses. In order to enable the 
installation of CSPs the steel beam needs to be manufactured, 
or cut, in two halves and welded together after the installation 
of CSPs. Such a change would result in some additional work 
with the specimens, but is nothing exceptional since a similar 
manufacturing process has been used for push-out specimens 
with headed studs (Hanswille et al. 2007)

The different definitions of the fatigue failure, between 
the different test series, makes it difficult to use all available 
test results in the development of a fatigue design criterion. 
If the CSPs are installed in a structure in order to create 
composite action, not to strengthen an already existing 
connection, the authors suggest that the failure is defined as 
when the first CSP fails, or when the mean slip reaches 5 mm. 
For the tests presented in this paper, the latter criterion gives 
at most a few percentages shorter fatigue lifetime than the 
former criterion.

The recent tests by the present authors deviate most from 
the other test series, and this deviation cannot be explained 
by a different fatigue definition or different material 
parameters. The type of specimen is also similar, in some 
cases almost identical, to those used by Pritchard (1997), 
Buckby et al. (1997) and Fahleson (2005). There are some 
difference in how the vertical steel plates were connected to 
each other, to avoid separation at the steel-concrete interface. 
In the recent tests, threaded rods without pre-tensioning were 
used, while welded steel strips were used in previous tests. In 
a static push-out test, the stiffer steel strips might provide a 
higher degree of confinement for the central concrete block 
at large slips, when there are forces that want to separate the 
steel and the concrete part. However, this should not affect 
the fatigue test results substantially, since the slips are small 
and there are no signs of horizontal separation during the 
tests, in contrast to the visible separation in the static tests. 
Instead, the initial overload prior to the start of the fatigue 
tests could be the reason for the difference in the fatigue test 
results. Future FE-modelling and research might be able to 
give an estimation of the impact of the initial overload and to 
evaluate if the CSPs fatigue strength are more dependent on 
overloads than headed studs.

Based on the tests presented in this paper it is 
recommended that the characteristic fatigue strength curve 
presented in equation (5) is used for the fatigue design of the 
shear connection in a bridge strengthened with CSPs. This is 
a conservative design recommendation compared to the 
previous recommendation by Buckby et al. (1997). Future 
research, containing additional tests and FE-models of the 
tests presented in this paper, might provide additional 
information about the CSP fatigue strength, which makes it 
possible to develop the fatigue design criterion further.
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